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ABSTRACT 
Confined masonry is shown to outperform other types of masonry constructions in seismic zones 
due to their economy and in-plane shear resistance. In this type of construction generally confined 
masonry is constructed first by building the unreinforced masonry panels with specific recesses 
followed by pouring concrete in the recesses. This type of construction has similarity to partially 
grouted (or wide spaced reinforced) masonry shear walls adopted in Australia and most part of 
North America. The prime aim of this research project is to evaluate the performance of confined 
masonry shear walls subjected to in-plane shear and to develop appropriate design equations that 
account for all key parameters that affect the performance. This aim stems from the criticisms of the 
current provisions of in-plane shear capacity equations in the Australian Masonry Standard AS3700 
(2011) being highly non-conservative by several researchers. This PhD thesis aims are addressing this 
gap in the knowledge through systematic investigation of the key parameters that affects the in-
plane shear strength of the masonry walls and to develop an appropriate design function that 
accounts for all key parameters. 
For the systematic investigation, a Finite Element (FE) model based on explicit solution algorithm is 
adapted. To calibrate the FE model the experimental investigations was carried out in two phases. 
The first phase contained small masonry specimens and two masonry panels. From the obtained 
tested results FE model was calibrated. Using calibrated model further prediction has been made for 
unconfined masonry panel (UCM), reinforced grout confined masonry panel (GCM) and reinforced 
concrete confined masonry panel (CCM).  
Phase-2 experimental investigation is carried out on six walls, two walls per UCM, GCM and CCM 
panels. The calibrated FE model is well predicting the tested panel load-displacement response. 
Good agreement is observed on strain at masonry panel and steel reinforcement. Using these FE 
model further analyses have been carried out to identify the parameters that influence on the 
masonry in-plane shear bahviour. 
The profound effect of confined panel aspect ratio is observed. The in-plane shear capacity equation 
is proposed based on the panel action in the panels located in the walls. The proposed analytical 
model validated with published independent experimental test results.  
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CHAPTER 1 
INTRODUCTION 
1.1 BACKGROUND 
Designing buildings to withstand earthquakes and severe tropical cyclones (typhoons) 
requires careful attention to the higher demand of in-plane shear load and potential brittle 
shear failure. Under the earthquake loading the most vulnerable part of a building is the 
ground floor where higher in-plane demand occurs. If the demand exceeds the capacity of the 
ground floor, the entire building may be destroyed as shown in Fig.1.1.a and in Fig.1.1.b. 
Unreinforced Masonry (URM) building is shown to have failed due to exceedance of 
diagonal tension (or in-plane shear)capacity of the URM.  
 
 
 
 
 
 
 
 
 
 
 
 
a) Budva-1979 earthquake [Source: Tomaževic (2009)] 
 
b) Chile-2010 earthquake [Photographer: Meli et al. (2011), Source: EERI] 
Fig.1.1. Ground floor failure. 
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URM buildings are designed mainly for gravity loads and their capacity to in-plane load is 
generally inadequate. To overcome this inadequacy, a grid of horizontal and vertical 
reinforced grouted elements that break a large masonry wall into smaller panels can be 
introduced which can effectively confine the URM panels. This type of masonry wall 
construction, known as confined masonry, is shown to outperform other types of masonry 
constructions in seismic zones (for example, in Latin America as shown in Fig.1.2.a, 
Fig.1.2.b) due to their economy and in-plane shear resistance.  
 
 
 
 
 
 
 
 
 
 
In this type of construction generally confined masonry is constructed first by building the 
unreinforced masonry panels with specific recesses for placing reinforcement followed by 
pouring concrete into these recesses. This type of construction has similarity to partially 
grouted (or wide spaced reinforced) masonry shear walls adopted in Australia and most parts 
of North America (Dhanasekar and Haider 2010; Maleki 2008; Shrive et al. 2009). The 
partially grouted masonry uses hollow concrete blocks while the confined masonry generally 
uses solid clay bricks. In spite of this difference, structurally they may perform similarly. 
This thesis compares these two systems of construction experimentally and numerically. 
The in-plane horizontal load experienced by the building transfer is distributed to the 
confined masonry walls through the floor and the roofing systems.  Seismic behavior of the 
confined masonry walls can be explained by investigating the monolithic action of the 
 
 
 
 
 
 
 
 
Fig.1.2. Performance of confined masonry buildings [Source: EERI] 
 
a) Haiti earthquake-2010(Meli et al. 2011) . 
 
b) Peru earthquake-2007 (Brzev 2007) 
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masonry panel and adjacent reinforced grouted cores. The load resisting capacity of the 
confined masonry is maintained until the masonry panels experience severe cracking. 
Significant lateral deformation and ductility can thus be attained before the failure. 
Unfortunately the design expressions for these types of walls available in the masonry 
national standards are found to be highly non-conservative (Haider 2007; Minaie et al. 2010; 
Nolph and ElGawady 2011; Shrive et al. 2009). In spite of these observations, very limited 
systematic examination of the in-plane shear response of the partially grouted walls has been 
carried out to date. This PhD thesis aims at addressing this gap in the knowledge through 
systematic investigation of the key parameters that affect the in-plane shear strength of the 
masonry walls and to develop appropriate design equations.  
1.2 RESEARCH SIGNIFICANCE 
The highly non-conservative design expressions for the confined masonry walls available in 
the masonry national standards can be a significant problem where the lateral load demand is 
exceeded. Furthermore, the origin of the terms in these equations cannot be always traced or 
linked to rational principles of mechanics. A systematic and in-depth study of these terms that 
contribute to the in-plane shear capacity of the confined masonry/ partially grouted masonry 
is thus prudent and is conducted in this PhD thesis.   
1.3 AIM AND OBJECTIVES 
The aim of the thesis is to develop appropriate design equations to conservatively predict the 
in-plane shear strength of confined/partially grouted masonry shear walls. 
This aim will be achieved through the following enabling objectives: 
1. To develop a design concept for shear walls containing unreinforced masonry panels and 
reinforced grout/ concrete confining elements. 
2. To identify a simplified method of testing unconfined and confined masonry panels to 
evaluate the effectiveness of the two systems of confinement referred in1 above. 
3. To carryout experiments and Finite Element (FE) studies on the simplified method of 
testing the unconfined and confined masonry panels. 
4. To validate the finite element model through further experiments, and use the validated 
FE model to carry out a range of analyses of several shear walls of various wall aspect 
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ratios( w ), panel aspect ratios ( p ), pre-compression levels (p), percentages of 
horizontal reinforcement ( h ) as well as the boundary conditions of the tops of walls. 
5. Using the results of the FE analysis mentioned above to identify key design parameters 
and develop an appropriate design equation for the walls containing 0.55 1p  panels.  
1.4 ARRANGEMENT OF THESIS 
Chapter-2 A detailed literature review has been undertaken to identify the parameters that 
influence the in-plane shear capacity of the masonry shear walls. The design 
equations proposed by four national masonry standards and the models 
proposed by two researchers are briefly outlined.  
Chapter-3 The concept of panel action and wall action are explained. A previous 
experiment results has been analysed and reported to show the influence of the 
panel on in-plane shear strength. 
Chapter-4 Contains the details of the Phase-1 experimental investigation. The experiment 
preparations, specimen constructions, loading arrangements, data acquisition 
systems and testing procedures are described. The test results of small test 
specimens and two masonry panels are reported. 
Chapter-5 Explains the details of the adapted finite element modelling approach. The detail 
of FE model calibration using test results from Chapter-4 is examined. Further 
prediction has been made for unconfined and confined masonry panels (grout 
and concrete). 
Chapter-6 Contains the details of Phase-2 experimental investigation to validate the 
prediction made by the calibrated FE model. Six masonry panels two each of 
unconfined, grout confined and concrete confined panels are reported. The 
validation of FE model is extended to strain responses in masonry and steel. 
Chapter-7 Using validated FE model the influence of the parameters on the masonry in-
plane shear behaviours are examined. An analytical model to evaluate the in-
plane shear strength of the masonry wall is obtained through a detailed 
fundamental approach. 
Chapter-8 Contains a summary of the thesis and the conclusions. 
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CHAPTER 2 
LITERATURE REVIEW 
2.1. INTRODUCTION 
Masonry is an antique material with over 4000 years of history.  Masonry is a composite of at 
least two constituent materials (blocks and mortar). Mortar provides bonding and is the 
weakest part affecting the overall strength of masonry depending on its thickness. 
Conventionally the thickness of a mortar layer is set as 10mm; strength parameters provided 
in the design standards refer to this thickness.  The blocks have different geometries – solid, 
perforated and hollow, for example, and are made from different materials, the popular ones 
being clay and concrete. In this research concrete hollow block masonry is considered and 
hence the review predominantly refers to hollow concrete masonry.   
Hollow concrete masonry is often grouted and reinforced to overcome the inherent weakness 
of masonry, that is, poor tensile strength. Reinforced masonry resists out of plane flexure and 
in-plane shear resulting from earthquake / wind loads effectively. Although fully grouted and 
reinforced masonry can be very effective in resisting wind/ earthquake loads, it would be 
very expensive and may not be needed for regions of low wind / seismic activity.  In such 
regions systems with sparingly reinforced masonry in which only selected cores are grouted 
and reinforced; such systems are known as either ‘partially grouted’ or ‘wide spaced 
reinforced’ masonry.  
It is not well understood by researchers how the grouted reinforced cores contribute to the in-
plane shear performance of shear walls. Most of the national masonry design standards 
provide in-plane shear capacity prediction equations by accounting for a certain portion of the 
yield strength of the horizontal or vertical reinforcement and vertical pre-compression along 
with its URM masonry contribution. The amount of contribution arising through horizontal or 
vertical reinforcement varies from 50% to 100%. 
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This chapter contains the collective findings published through different experiments and 
numerical studies about the behaviours of the in-plane shear capacity of a wall and other 
parameters which influence them.  
There are two types of boundary conditions by which the masonry walls located in the 
buildings can be categorised; 1) top surface vertically restrained and 2) top surface vertically 
unrestrained. Top surface vertically restrained walls are structural walls and top surface 
vertically unrestrained are non-structural walls and free standing boundary walls. Fig.2.1.a 
shows the typical vertically restrained boundary condition wall and Fig.2.1.b shows the 
typical vertically restrained boundary condition wall. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig.2.1. Types of boundary condition 
 
 
 
a) Vertically restrained boundary condition 
 
 
b) Vertically unrestrained boundary condition 
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2.2. FACTORS INFLUENCING THE BEHAVIOUR OF 
MASONRY SHEAR WALLS 
The behaviour of a shear wall depends on its aspect ratio, level of pre-compression normal to 
its bed joints, amount of horizontal and vertical reinforcements, as well as reinforcement 
distribution and material properties. 
2.2.1.  Wall aspect ratio (λw) 
The wall aspect ratio is defined as the ratio of the wall height to its length. The aspect ratio of 
a masonry wall has a great influence on its in-plane shear behaviour (Anthoine and 
Magonette 1995; Dhanasekar and Haider 2008; Haider 2007; Kikuchi et al. 2003; Schultz et 
al. 1998). Generally three types of failure modes can be observed in the shear walls under in-
plane shear.   
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig.2.2. Types of failure of masonry shear walls 
 
c)- Flexural rocking failure 
 
a)-Diagonal shear failure 
 
b)-Sliding shear failure 
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For low aspect ratio walls (λw ≤1), (known as squat walls or long walls) shear failure is 
dominant. Pure sliding type failures occasionally occur in shear walls which have a very low 
pre-compression level. However, in shear walls these types of failures are also combined with 
diagonal shear type failure.  In slender walls (λw >1), flexure type failure with toe crushing is 
predominant. These failure modes are shown in Fig.2.2. It is claimed by researchers that the 
diagonal shear failure is more brittle and the flexural rocking failure is ductile; however few 
studies reported that walls with diagonal shear failure/sliding failure can be drifted beyond 
1% (Haider 2007; Maleki 2008; Shing et al. 1990b).   
Fattal  (1993a) stated that an aspect ratio in the range of 0.75-1.5 considerably affects the 
ultimate strength and cracking strength  of the wall although no explicit correlation between 
deformations and the aspect ratio is reported in the literature. Shing et al. (1993) tested 
partially grouted walls with varying aspect ratios from slender walls to squat walls. They 
concluded that the major diagonal crack always remains around 45° with the axis of loading. 
In slender walls, the diagonal crack spread across the bottom side of the wall between the toe 
and the loading face, whereas in square walls it connected exactly between the loading point 
and the toe. In squat walls the crack appeared from the loading point making an angle of 45° 
with the axis of loading irrespective of toe. 
Schultz (1996) and Schultz et al.(1998) tested 12 partially grouted walls with the height of 
1422mm and varying length to form an aspect ratio of 0.5, 0.7 and 1.0 walls.  From those 
results, it has been found that increasing the aspect ratio from 0.5 to 0.7 significantly 
increases the ultimate shear stress (reducing the in-plane resistance); but further increments of 
the aspect ratio from 0.7 to 1 had a negligible influence on the ultimate shear stress.  
Haach (2009) conducted numerical studies on shear walls with aspect ratios varying from 
2.33 to 0.64. This study concluded that a change of aspect ratio from 2.33 to 0.64 would 
increase the in-plane shear capacity by 9 times at 40% pre-compression level. A fixed type of 
boundary condition increased in-plane shear capacity by 80% over a cantilever type boundary 
condition. The mode of failure was flexural rocking with no pre-compression whereas with 
pre-compression, all squat walls having an aspect ratio of less than one exhibited diagonal 
shear failure. 
Tena-Colunga and Cano-Licona (2010) studied the influence of aspect ratios on shear 
deformation which attracts more shear forces in the building. Improper distribution of the 
differing aspect ratios of the wall in the building could cause torsional eccentricity. The study 
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compared the Mexican building code practice of analysing seismic load with 3D static 
analysis. The in-plane shear equations are proposed for three stages of cracking in the wall. 
Janaraj et al.(2011) and Dhanasekar et al. (2011) made an attempt to put attention to partially 
grouted masonry shear walls in-plane behaviour. They stated that critical panel aspect ratio 
has profound effect of in-plane shear capacity and ductility.   
2.2.2. Pre-compression (P) 
The level of pre-compression is an important factor that influences the in-plane shear 
capacity and mode of failure. Ghanem et al.(1993) reported that the axial stress modified the 
mode of failure from flexural to shear for the aspect ratio of 1 in (square) walls whilst 
increasing its in-plane shear capacity. They limited the pre-compression level to 5% of the 
compressive strength of the masonry to avoid brittle behaviour. The wall with higher 
diagonal shear failure exhibited a more brittle nature than the flexure rocking failure.  A 
maximum of 10% compressive strength was applied as pre-compression on top of the wall 
that enhanced the in-plane shear capacity by 80%. It also increased the cracking load through 
aggregate interlocking. 
Haider (2007) reported that an increasing vertical load by 84% for an aspect ratio of 0.5 walls 
caused only 11.1 % increase in the normalised in-plane shear capacity. Voon and Ingham 
(2006) reported that an increase of axial pre-compression to 0.25 MPa and 0.5 MPa on square 
walls enhanced the in-plane shear capacity by 13% and 22%, respectively. Further, axial 
compression delayed the initiation of cracking. 
Haach (2009) stated that through his numerical modelling results that the in-plane shear 
increases up to a pre-compression level of 40% of the compressive strength of the masonry. 
The mode of failure had changed from flexural rocking to shear cracking in the presence of 
pre-compression. The lower aspect ratio of the wall exhibited higher sensitivity to the level of 
pre-compression and the wall enhanced its in-plane shear capacity until the pre-compression 
level reached 40% of compressive strength. 
Further, several researchers have concluded that the pre-compression level significantly 
improves the in-plane shear capacity of the wall whilst reducing its ductility (Alcocer and 
Meli 1995; Assa and Dhanasekar 2000; Bernardini et al. 1997; Da-porto et al. 2009; Fattal 
1993a).  
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2.2.3. Reinforcement  
It is a general perception that in partially grouted masonry shear walls the vertical 
reinforcement contributes to the in-plane shear capacity of the wall through dowel action, 
whereas the horizontal reinforcement contributes through tension yielding. This action of the 
horizontal and vertical reinforcement can occur in concrete shear walls and fully grouted 
shear walls; their occurrence in partially grouted masonry is not well understood.  
Ghanem et al.(1992) conducted experiments on fourteen 1/3 scale partially grouted masonry 
walls. They concluded that the in-plane shear capacities of the partially grouted masonry 
walls are highly sensitive to the distribution of the horizontal and vertical reinforcements. The 
distribution of the horizontal and the vertical reinforcements control the mode of failure. 
Properly distributed horizontal reinforcements can contribute to ductile behaviour should they 
yield in tension. The diagonal cracking load may not be governed by these reinforcements, 
especially if they remain elastic. 
Fattal (1993b) studied the behaviour of in-plane shear capacity from 72 partially grouted 
masonry walls and concluded that the effect of horizontal reinforcement might not be as great 
as some national design standards propose. It has been stated that vertical reinforcement 
effectiveness increases at a decreasing rate with increasing reinforcement; and the 
effectiveness of the vertical reinforcement decreases with increasing (wall) aspect ratio of the 
shear walls. Further increments of horizontal reinforcements were found to be ineffective, 
thus an upper limit of 0.2% was recommended. 
Yoshimura et al. (1996) tested eight confined masonry walls with differing levels of confined 
frame reinforcement and horizontal and vertical reinforcement. From those test results, it was 
found that the heavily reinforced confined frames enhance the in-plane capacity of reinforced 
masonry walls by 50%, whereas the in-fill walls containing URM walls and heavily 
reinforced concrete moment-resisting frames increase the capacity by only 25%. 
Furthermore, the test results showed that the heavily reinforced confined frames reduced the 
ductility of the shear walls while increasing their respective in-plane shear capacities. They   
revealed that the presence of horizontal reinforcement in masonry did not increase the in-
plane shear capacity but increased the ductility marginally especially when there was no 
vertical reinforcement.  
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Tomaževic (1999) concluded that the effectiveness of horizontal reinforcement decreases 
with the increase in ratio.  
Mosele et al.(2009) stated that the variability in the contribution to the in-plane shear capacity 
of URM and compressive load normal to bed joints is quite large.  
Da Porto et al. (2009) concluded that the presence of the vertical reinforcement in the wall 
decreases the influence of the axial load. A truss type reinforcement placed in the horizontal 
direction was found to be not significantly effective.  
Schultz (1996) and Schultz et al.(1998) concluded from tested 12 partially grouted walls that 
the ultimate shear strength increases with an increase in the horizontal reinforcement. 
Alcocer and Meli (1995) reported that the amount of horizontal reinforcement does not affect 
the initial stiffness but enhances the in-plane capacity compared to the URM walls. Several 
other researchers reported that the horizontal reinforcement had no significant effect on the 
in-plane shear capacity of the walls although the reinforcement increased the in-plane shear 
capacity of the respective walls compared to that of the URM (Hamid 1991; Ingham et al. 
2001; Khattab and Drysdale 1993). Priestley (1977) found that uniformly distributed 
reinforcement along the length of the wall improved dowel shear resistance and provided 
better crack control. 
Haach (2009) reported through numerical simulation that any variation in vertical 
reinforcement without applying pre-compression had no effect on shear capacity/ ductility 
whereas even a minimal level of pre-compression increased the in-plane shear capacity. The 
in-plane shear capacity of shear walls containing horizontal reinforcement (top and bottom) 
in the fixed boundary walls (vertically restrained top surface) exhibited a very low response, 
whereas the cantilever boundary walls (vertically unrestrained top surface) exhibited higher 
sensitivity. With increasing horizontal reinforcement, cantilever boundary walls exhibited an 
insignificant effect on the in-plane shear load whereas that of fixed boundary walls exhibited 
significant improvement with increasing pre-compression loads.    
Nolph and ElGawady (2011) tested 5 walls with different horizontal reinforcement ratios and 
different aspect ratios. It was found that with the increase of horizontal reinforcement from 
0.085% to 0.12% the in-plane load increased; however, further increase of horizontal 
reinforcement from 0.12% to 0.17% had insignificant effect on the in-plane capacity. There 
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were no effects reported in initial cracking strength. However a greater proximity of vertical 
reinforcements significantly increased the in-plane shear capacity. 
 
2.2.4. Material properties 
The in-plane shear capacity of the walls increased with the tensile and shear bond strengths 
up to 175% while the compressive strength remained relatively low (Dhanasekar 1985). 
These two bond strengths increased with the drying of well cured specimens. The increase of 
bond strength value by 175% had no effect on the wall failed through rocking. However, the 
walls failed through diagonal shear exhibited higher in-plane resistance. 
The strength of mortar and grout has a limited effect on the strength of walls (Drysdale and 
Hamid 1979; Riddington and Naom 1994; Scrivener and Baker 1988). Zhuge(1995) 
concluded that the tensile strength of masonry had a significant influence on the cracking and 
ultimate load capacity of URM walls at very low vertical load; and this effect became 
insignificant at higher vertical load. Hansen et al. (1998) reported that the use of stronger 
mortar does not generally improve shear strength of bed joints. 
2.3. FINITE ELEMENT MODELLING METHODS. 
Numerical modelling using Finite Element Models (FEM) provides more cost effective and 
fewer time consuming solutions. They also greatly assist for static and dynamic analyses. The 
accuracy of the modelling is of great importance and it depends on material modelling and its 
calibration.  
Masonry is a composite material and its orthotropic nature arises from the arrangement of 
blocks and mortar. This orthotropic behaviour required distinct material directional 
properties, making numerical simulation of masonry assemblages rather complex. Since the 
late 1970s, masonry researchers have made a significant effort in proposing a computational 
strategy for in-plane behaviour of masonry walls. Those efforts were in either continuum 
plasticity or continuum damage (Addessi et al. 2002; Lourenço et al. 1998; Papa et al. 2000). 
In all modelling strategies plane stress element was considered. 
The modelling strategies that have been reported to date can be broadly divided into three as 
shown in Fig.2.3.  
Chapter 2 Page 13 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
The method of modelling depends on the accuracy of data required and the type of analysis. 
Detailed micro-modelling considers unit and mortar to be continuum elements whereas it 
considers the interface to be a discrete element. In a simplified micro model, the interface 
element is combined with mortar, where mortar is a discontinuous element. In the macro 
modelling unit, mortar and unit-mortar interfaces are integrated as if they are a continuum.  
Micro modelling is required for the studies of the localised behaviour of small-scale masonry 
structures whereas macro studies are preferred for the studies of large masonry structures.  
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig.2.3. Modelling strategies for masonry 
 
 
a) Detailed micro modelling 
 
 
b) Simplified micro modelling 
 
c) Macro modelling 
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2.3.1 Micro modelling 
Micro modelling is the best tool to study the behaviour of masonry assemblages. This 
modelling strategy focuses mainly on development reliable interface models (Gambarota and 
Lagomarsino 1997; Lotfi and Shing 1994; Lourenço and Rots 1997).  
Lourenço (1996) developed an interface model under multi-surface plasticity in which 
tension, shear and compressive behaviour were taken into account through a cap model. This 
model was further developed by van Zijl (2004) with a redefined dilatancy effect. Lourenço 
(1996) accounted for a variable dilatancy coefficient which was governed by shear slipping 
displacement along the interface. Lourenço (1996) had not considered the effect of volume 
increase or uplift upon shearing along the masonry interface. An inappropriate dilatancy 
model could cause unconservative estimation of confined shear. Van Zijl (2004) incorporated 
the above shortcoming into a variable dilatancy coefficient. The blocks that may undergo 
distributed cracking can be modelled through the smeared cracking approach (Giambanco et 
al. 2001; Lotfi and Shing 1994).  
Lourenço (1996) used interface elements as potential crack, slip or crushing planes. The joint 
interface yield criterion had included all failure mechanisms except the uni-axial tensile 
cracking of the unit. The model was successful at predicting the small masonry wall 
subjected to in-plane load.  The interface cap model used by Lourenço (1996) is shown in 
Fig.2.4. 
 
 
 
 
 
 
 
 
 
 
Fig.2.4. Interface cap model 
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The proposed yield surface of the elliptical cap by Lourenço (1996) was further simplified as 
a linear cap by Chaimoon and Attard (2007) through the use of a zero-thickness element to 
model mortar-brick interfaces. The inelastic failure surface for the mortar interfaces was 
modelled using the Mohr-Coulomb failure surface with the linear compression cap and the 
Rankine tension cut-off. The brick interfaces were modelled using the Mohr–Coulomb failure 
surface with a tension cut-off. The model successfully predicted the in-plane shear capacity 
of the masonry shear walls. A simplified micro modelling approach also correctly predicted 
the behaviour of masonry assemblages (Calderini et al. 2010; da Porto et al. 2010; Gabor et 
al. 2006a; Gabor et al. 2006b; Petersen et al. 2012; Sousa et al. 2013). 
Simplified micro-modelling strategies are impractical in the case of real masonry structures 
containing a large number of units.  The alternative method is to consider the composite 
behaviour in terms of macro or average stresses and strains so that masonry can be assumed 
to be a homogeneous material. 
2.3.2. Macro modelling 
To simulate the anisotropic behaviour of the masonry, the anisotropic plasticity model is 
capable of representing its nature even though the constituent materials of masonry are 
isotropic; and its anisotropic nature arose from the arrangement of mortar and blocks.  
Lourenço (1996) successfully implemented the Hill type yield surface (to govern 
compression failure) and the Rankine type yield surface (for tension failure) to model the 
masonry behaviour. This yield surface study was an extension of the work published by 
Feenstra and De Borst (1996) for concrete where the Drucker-Prager criterion was considered 
for compression with the Rankine type yield surface. 
The real issue of macro modelling arose from homogenised material properties. Very limited 
numbers of experimental data are available with varying parameters. To model masonry 
macroscopically, homogenised masonry properties are essential. A typical masonry element 
is shown in Fig.2.5. This basic element can vary in size that accounts the block and mortar in 
element and periodically appear in the masonry. 
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The modern plasticity model is generally good enough to apply to anisotropic formation in 
the macro method. De Borst and Feenstra (1990)and Schellekens and De Borst(1990) 
implemented the elastic-perfectly plastic Hill yield criterion and the elastic-perfectly plastic 
Hoffman yield criterion, respectively. The issue with the Hoffman yield criterion is that it 
ultimately shows no tensile strength in uniaxial behaviour. Hence Lourenço (1996) adopted 
the Hill type yield criterion for compression and the Rankine type yield criterion for tension.  
The finite element modelling of damage in quasi-brittle materials is known to be significantly 
mesh sensitive and this tendency does not always improve by mesh refinement (De Borst et 
al. 1993). This issue is associated not only with the damage model but also with any material 
degradation model and strain-softening materials(Bažant et al. 1984; Kuutti and Kolari 2012; 
Needleman and Tvergaard 1982; Needleman 1988; Ortiz et al. 1987; Tvergaard et al. 1981).  
Ortiz, Leroy and Needleman (1987) examined strain localisation issues associated with 
general finite element modelling, especially quadrilateral elements. A bifurcation analysis 
was used to determine the geometry of the localized deformation modes. Once the onset of 
localisation was detected, a new suitable shape function was defined and added to the 
element interpolation that closely reproduced the localised modes. The extra degree of 
freedoms resulting from the large strain of these modes was eliminated. 
 
 
Fig.2.5. Basic element 
Basic element 
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2.4. ANALYTICAL MODELS. 
Shear behaviour of reinforced masonry can be inferred from the theory of reinforced concrete 
as long as the masonry is fully grouted and reinforced. Designers often conceive the partially 
grouted masonry as a mixed system of reinforced masonry and unreinforced masonry (URM) 
walls.   
Due to the complexity of shear mechanisms in masonry shear walls, there are no effective 
theoretical models emerging that accurately establish the shear strength of masonry shear 
wall panels. Consequently, during practical calculations the nominal in-plane shear capacity 
of reinforced masonry walls ( nV ) is commonly evaluated as the sum of contributions from 
masonry  mV , applied axial compression load  pV and reinforcements  sV (Park and Paulay 
1975). The contribution from the reinforcement could be either from vertical or horizontal. 
The vertical reinforcement was contributed through dowel action  svV whilst the horizontal 
reinforcement  shV  was contributed directly to enhance in-plane shear or was activated upon 
the onset of cracks. The three shear resistance mechanisms are incorporated in the following 
equation:  
n m p sV V V V      (2.1) 
This topic contains the in-plane shear equations proposed by different authors and masonry 
standards. The evaluation of each model through testing conducted in this thesis is reported in 
Chapter 6. Since only the walls with an aspect ratio of less than one were considered for the 
study of in-plane shear in this thesis, the formulae specified by standards and authors which 
were relevant to the walls with an aspect ratio less than one were presented. The equations 
below were only contained in the parameters which were relevant to the partially grouted 
masonry walls where the factors mentioned for fully grouted were not reported.  
The design standards provide a poor reflection of masonry shear wall failure mechanisms as 
they provide widely differing design clauses with extremely un-conservative provisions. 
2.4.1. AS 3700 
Several researchers concluded that the in-plane shear capacity equation proposed in AS3700 
(2011) was overestimating the actual capacity of the wall as high as 3 times.(Dickie and 
Lissel 2009; Haider 2007; Shrive et al. 2009).  The overall capacity reduction factor (  
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    ) was specified for in-plane action in reinforced masonry shear walls. The maximum 
vertical reinforcement spacing allowed in AS3700 is 2000 mm whilst the horizontal 
reinforcement can be spaced up to 3000 mm. Only masonry shear contribution and the 
horizontal reinforcement contribution to the diagonal shear capacity is accounted for in the 
standard equation, whilst other contributory factors such as; 1)  the effect of pre-compression 
action at top of the wall, 2) the contribution of vertical reinforcement through dowel action, 
and 3) boundary condition effects were  not included.  The in-plane shear equation was 
compared with wall rocking capacity and the lower of those was accounted as in-plane shear 
capacity of the wall. The in-plane shear capacity equation is shown in Eq.2.1. The rocking 
capacity of the wall can be found from Eq.2.2. The explicit mechanism in which the masonry 
wall failed is shown in Fig.2.6. 
( 0.8 )n vr s y sV f A f A   2.1 
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wH - Height of the wall 
wL -Length of the wall 
nA - the total cross-sectional area of horizontal reinforcement, or total cross-
sectional area of vertical reinforcement, whichever is less 
syf -Yield strength of reinforcement 
 - Capacity reduction factor 
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'
mf -Characteristic compressive strength of masonry 
 
 
 
 
 
 
 
 
 
 
 
 
The contribution of masonry ( )vrf does not contain any strength parameter. It contained only 
the geometric parameter of the wall, the origin of which is unknown. This in-plane shear 
equation has widely attracted criticism over its non-conservative prediction (Dhanasekar 
2001; Dhanasekar and Haider 2008; Dickie and Lissel 2009; Haider 2007; Mosele et al. 
2009; Shrive et al. 2009). Its non-conservative prediction varies from 180 % to 500% which 
is quite unusual. 
 
2.4.2. CSA304.1 (2004) 
The provision for calculating in-plane shear in Canadian masonry standards is based on the 
diagonal shear modes of failure.  The diagonal shear resistance in the Canadian standard is 
governed by masonry shear strength, applied axial load and horizontal reinforcement as 
shown in Fig.2.7. The corresponding formula is shown in Eq.2.3. 
 
Fig.2.6. Rocking mechanisms in AS3700 
 
Vn 
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'0.16 2 0.25 0.6
f v
n m m g s yh sh
f v h
M d
V f bd P f A
V d s
  
    
        
     
 2.3 
The above equation is limited to '0.4 m m w gf b d   for all shear walls except squat wall. For 
squat walls (aspect ratio <1), the limitation is
'0.4 2m m g
H
f bd
L
 
 
 
 
. 
Although 
  
     
 is limited in between 0.25 to 1.0. 
g  accounts for the effect of partial grouting which is defined as the ratio between the 
effective area and the gross sectional area where g  should not exceed 0.5. A masonry 
resistance factor ( m ) of 0.6 and a steel resistance factor ( s ) of 0.85 were suggested in the 
standard. 
fM -Factored moment 
fV -Shear under factored load 
 
Fig.2.7. Shear equation of CSA (2004) 
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hs -Spacing of shear reinforcement 
d- Distance from extreme compression fibre to centre of longitudinal tension reinforcement 
should be greater than 0.8 L for walls. 
b- Width of the wall. 
This equation accounted for only web shell width rather than net area; leaving an area of 
grouted cores. The criterion was selected to satisfy the shear flow continuity requirements 
and to avoid potential vertical shear failure in continuous un-grouted shells. The effect of 
considering the aspect of net area was examined by Nolph and ElGawady (2011) through 
experiments on partially grouted walls. They have suggested that the net area calculation 
should include the grouted core area. This in-plane shear capacity calculation formula was 
overestimating the in-plane shear capacity on many occasions (Minaie et al. 2010; Shrive et 
al. 2009). 
2.3.3- MSJC(2008) 
The U.S. based MSJC (2008)in-plane shear capacity equation  is similar to the Canadian 
Masonry Standard where the in-plane shear capacity was calculated by considering all 
mechanisms except the effect of vertical reinforcement due to dowel action.  The MSJC 
equation is reported in SI units (Eq2.4).   
'0.166 2 0.875 0.25 0.5
f sh
n m n yh v
f v h
M A
V f A P f d
V d s
  
      
   
 2.4 
f
f v
M
V d
is limited in between 0.25 to 1.0. 
The maximum values of nominal shear strength do not need to exceed the values 
recommended in Eq.2.5 and Eq.2.6.  
According to 
f
f v
M
V d
 ratio the in-plane limit was enforced. 
0.25 0.083(6 )
f
n m
f v
M
V A f
V d
    2.5 
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1 0.083(4 )
f
n m
f v
M
V A f
V d
    2.6 
The maximum limits of nominal shear strength are able to be calculated by linear 
interpolation between the presented limits for values of 
f
f v
M
V d
between 0.25 and 1.00. 
2.4.3- New Zealand Masonry standards (NZS-4230 2004) 
As far as the underlying mechanism of the in-plane behaviour of the masonry wall, NZS-
4230(2004) considered all the possible mechanisms that contribute to the in-plane shear 
capacity of the wall. The contribution of masonry, vertical reinforcement dowel action, 
horizontal reinforcement yielding and pre-compression level were considered as shown in 
Eq-2.7. The effect of boundary condition, where the top wall is restrained or unrestrained by 
vertical movement, was not considered. Further, the top wall boundary condition fixity 
depends on the location of the wall in the building.  
 1 2
0.9
tan 0.8
yh sh
n bm w
w h
f A dP
V C C v b d
b d s

 
    
 
 2.7 
Where  1 33
300
sv yv
w
A f
C
b d
  
2
2
1.5............................................... 0.25
0.42 4 1.75 ...................... 0.25 1
e
e e
H
C
L
H H
C
L L
 
  
 
   
     
   
 
.In the equation,  
bmv - Basic shear strength of masonry (refer Table.2.1) 
yhf -Yield strength of horizontal reinforcement. 
yvf -Yield strength of vertical reinforcement.  
bw- Effective width of the wall. 
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d- Distance from extreme compression fibre to centre of longitudinal tension reinforcement 
or 0.8 L for walls. 
 -Angle formed between lines of axial load action and resulting reaction component as 
shown in Fig.2.8 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
The area of shear reinforcement shall be limited to a minimum of
0.15 w h
h
b s
f
, where‘ hs ’ is the 
spacing of the bar.  The pre-compression load shall be limited to
'0.1 m gP f A .  This limitation 
Table.2.1. Basic type dependent shear strength of masonry 
(MPa) 
 
Compressive strength of masonry (
'
mf ) 
4 12 12  
bmv  0.3 0.7 
'0.2 mf  
 
 
 
 
 
 
Fig.2.8. Angle formed between lines of axial load action and resulting 
reaction 
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is enforced to prevent excess brittle shear failure. The schematic diagrams of all the 
parameters are shown in Fig.2.9. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
2.4.4- Matsumura (1988) 
Matsumura developed a shear equation by considering partially and fully reinforced masonry 
shear walls from his 57 specimens with aspect ratios varying from 0.8 to 2. The equation was 
developed based on the regression analysis (Eq-2.8). This equation is well defined compared 
to other equations for the following reasons. It captures the effect of partial grouting whereas 
most of the standard equation derived from fully grouted reinforcement test results (perhaps it 
may make un-conservative equation). Furthermore Matsumura’s equation captured the 
impact of the boundary condition.    
 
Fig.2.9. Shear equation Schematic diagram for NZS(2004) 
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  
  
       
  
   
  (2.8) 
Where 
uk -0.64 for partially grouted concrete masonry 
0.3
1.16 100tp
A
k
td
 
  
 
 
tA - Area of tensile reinforcement 
nA - Net area of masonry parallel to in-plane load 
t- Overall thickness of the wall 
 -0.6, for partially grouted walls. 
 - 1 for fixed boundary condition , 0.6 for  
h -horizontal reinforcement ratio 
The equation by Matsumura (1988) accounted for all the possible mechanisms. Compared to 
the other equations mentioned above Matsumura came out with conservative approaching in 
terms of pre-compression level and horizontal reinforcement by accounting lower values.  
2.4.5- Shing et al.(1989; 1990aa; 1990bb) 
Shing et al(1989; 1990aa; 1990bb) tested 16 fully grouted reinforced concrete block walls in 
order to understand the behaviour of flexural and shear strength of walls. The level of axial 
force and the reinforcement ratio was examined. They demonstrated that simple flexure 
theory based on the plane section assumption could be applied to squat wall panels. Due to 
strain hardening the actual flexural strength was higher than that predicted by flexure theory 
for cyclic load. Furthermore, the flexural strength increased with applied load. Although 
Shing et al.(1990a) reported that the excess axial load would have an impact on the in-plane 
shear capacity of the shear wall where ductility of the wall could be reduced, which may 
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result in toe crushing. Then they concluded that the shear wall exhibited more brittle 
behaviour than those that failed in flexure. They explained the shear failure through several 
mechanisms such as aggregate interlocking, dowel action of vertical steel, and the action of 
horizontal shear reinforcement. The occurrence of the first major diagonal crack depends 
primarily on the tensile strength of the masonry and the applied load. The amount of 
reinforcement plays a negligible role at the time of the crack, but the post crack behaviour 
was mainly governed by the presence of the reinforcement. The in-plane shear was explained 
by the ineffectiveness of horizontal reinforcement beyond the edge vertical reinforcement 
where the yielding would be less likely. The proposed equation (Eq.2.9) was developed from 
regression analysis of the set of experimental data. This equation was developed based on the 
experiment data of fully grouted masonry walls. 
 '0.00015 0.166 2n v yv n m yh sh
n
P
V f A f n f A
A

  
      
  
 (2.9) 
Where 
v -Vertical reinforcement ratio 
n- Number of total evenly distributed horizontal grouts 
This equation fully accounted for the contribution of the horizontal effective reinforcement. 
The top and bottom horizontal reinforcements located in the wall panels were ignored as they 
were not effective. 
2.4.6. Comparative analysis 
The four national standards and the two researchers have provided equations to determine the 
in-plane shear capacity of masonry shear walls containing reinforced grouted cores. These 
equations are summarised in Table.2.2. 
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2.5. SUMMARY 
The review of the literature pertinent to the in-plane shear response of the reinforced masonry 
walls reveals the following state-of-the-art summary. 
1. There exist several design expressions in the national masonry standards, each of 
which consider the major factors (strength of masonry, wall aspect ratio, 
reinforcement and pre-compression) differently. These design expressions are 
criticised as being non-conservative by a number of researchers for specific 
applications. 
Table.2.2.  Inplane shear equations  
Name Masonry Vertical load Vertical steel Horizontal steel 
AS 3700 1.5 0.5vr n
H
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L
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  
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2. Recently the contribution of the panel aspect ratio to the overall response of the 
reinforced masonry shear walls has been discussed in the literature. This aspect is not 
included in any of the existing design equations in the national standards.  
3. Inconsistent conclusions exist on the effectiveness of horizontal reinforcement of the 
in-plane shear capacity of the walls, perhaps affected by the method of placing the 
horizontal reinforcement in the masonry walls. 
4. Confined masonry is extensively examined for cyclic load responses. Such studies 
refer to URM panels confined with reinforced concrete tension elements only. 
Partially grouted wide spaced reinforced masonry walls might exhibit similar 
behaviour to the confined masonry referred in the literature. This aspect requires 
further examination. 
Based on the review of the literature it has been decided that to carryout studies on two 
different methods of confining the URM panels that form the reinforcement masonry shear 
walls-(i) Reinforced grout confinement, and (ii) Reinforced concrete confinement. 
These studies are carried out using experimental methods (Chapters-4&5) and computational 
methods (Chapter-6). The data generated from these studies formed a basis for developing 
design equations (Chapter-7). The ensuing chapter (Chapter-3) provides a detailed account of 
the research methodology.  
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CHAPTER 3 
RESEARCH METHODOLOGY 
3.1. INTRODUCTION 
Based on the review of literature, it can be stated that the in-plane shear behaviour of partially 
grouted confined masonry shear walls is not well understood; in particular, it is not clear 
whether the unreinforced masonry panels embedded within the discrete reinforced grouted 
cores cause ‘panel-action’ or the integrated system of grouted reinforcement and the panel 
cause ‘wall-action’. The wall action and panel action on typical confined masonry walls 
subject to monotonic loading are shown Fig.3.1 and Fig.3.2, respectively. 
 
 
 
 
 
 
 
 
The concept of confinement is not regarded in the wall action and the confining elements 
(grout or concrete frame). For the panel-action, the confining elements are important to 
ensure the failure remains within the panel (i.e., not crossing the confining elements) as 
shown in Fig.3.2.  
 
 
 
Fig.3.1. Typical wall action 
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The confined panel aspect ratio defined as shown in Eq.3.1. 
p
h
l
   3.1 
This research aims to investigate the in-plane shear response of the partially grouted confined 
masonry walls to uncover the effectiveness of the partially reinforced / confined masonry 
wall construction methods.  
Some studies conducted on four partially grouted walls reported in Haider (2007) provided a 
basis on which spacing of vertical grout could be examined systematically for monotonic and 
cyclic loads. The influence of panel action was observed in the analysis of test results 
(Dhanasekar et al. 2011; Janaraj et al. 2011). Hence this study was considered for the 
preliminary examination. 
 
 
 
 
 
 
 
Fig.3.2. Typical panel action 
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3.2. PREMILINARY EXAMINATION. 
The four partially grouted walls reported in Haider (2007) were considered for this 
preliminary study. These walls contained four configurations of vertical reinforcement 
arrangement. In each configuration two walls were constructed and each one was tested under 
monotonic load. The vertical grout arrangements are shown in Fig.3.3. All walls had the 
gross dimensions of 2408mm high, 2870mm long and 150mm thick that represented nine 
blocks long and 28 blocks high. All the walls were constructed from the hollow clay blocks 
commercially available in Australia.  Hollow clay units of 310mm (length) × 150mm (width) 
× 76mm (height) were used. These units contained two symmetrical cells with an area of 
100mm × 80mm in the centre where grouting and vertical reinforcement were 
accommodated. Each typical vertical grouting contained 1N12 bars at the centre. A bond 
beam measuring 2870mm × 150mm × 172mm consisting of two layers of masonry blocks 
reinforced with 4N16 bars was constructed at the top of each wall. There were no effective 
horizontal reinforcements located in the wall. 
 
 
 
 
 
 
 
 
 
 
 
 
 
Wall #3 
 
 
 
 
 
 
 
 
 
Fig.3.3. Reinforced core arrangement 
 
Wall #1 
85 1280 140 1280 85 
Wall #2 
960 960 780 
Wall #4 
350 350 2000 
780 780 1140 
Wall #3 
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The measured peak in-plane load was normalised using Eq.3.2. 
  
             
    √    
     3.2 
In which mf  stands for mean compressive strength and gA  stands for gross sectional area. 
The critical panel aspect ratio was obtained as the ratio of the height of the panel to the length 
of the longest panel in the wall. The obtained peak load of four walls was converted into a 
non-dimensional capacity and presented against the confined panel aspect ratio in Fig.3.4. 
For the critical panel aspect ratio reported in Fig.3.4, the confined central panel aspect ratio 
was considered. In the absence of such a central panel (ref. Wall#1), the edge panels were 
considered as critical panel. The critical panel aspect ratio for Wall#1, Wall#2, Wall#3 and 
Wall#4 were 1.9, 2.5, 2.1 and 1.2, respectively. In spite of the variability, the linear trend in 
the data exhibits that the panel aspect ratio has influence on the in-plane shear capacity. 
 
 
 
 
 
 
 
 
 
It can be seen that the critical panel aspect ratio had a profound effect on the non-dimensional 
capacity of the wall. The non-dimensional capacity increased with the critical panel aspect 
ratio. Wall#2 and Wall#3 contained a more uniform distribution of grout than the rest. 
However, Wall#2 contained a more uniform distribution of grout than Wall#3. Since Wall#2 
exhibited a very high non-dimensional capacity followed by Wall#3, it can be said that a 
more uniform distribution (equal spacing) of the grout caused the higher non-dimensional 
capacity. 
 
Fig.3.4. Non-dimensional capacity versus critical panel aspect ratio. 
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The wall#1 contained two panels while other walls contained three. This Wall#1 exhibited 
abnormally higher monotonic load capacity which perhaps due to construction error or any 
influence of environmental factor during the curing.   
In addition to the study of the influence of in-plane shear capacity, further study was 
conducted on the ductile behaviour of the walls. Fig.3.5 shows the ductility of the wall versus 
its confined panel aspect ratio. The ductility increases with critical panel aspect ratio. In 
addition to in-plane shear capacity enhancement reported in Wall#2 and Wall#3, these walls 
were also more ductile than the other walls. Therefore it can be said that the panel aspect ratio 
influenced on the behaviour of the masonry shear walls.  
 
 
 
 
 
 
 
3.3. RATIONALE OF DIAGONAL COMPRESSION TESTS 
A multi-bay, multi-storied wall under horizontal inplane load is shown in Fig. 3.6. It is 
hypothesised that the failure will occur due to diagonal compression strut mechanism as 
shown in Fig.3.6.a.  This diagonal compression will tend to split the panel in tension in a 
direction normal to the direction of compression. The surrounding frames will confine the 
panel from split tension induced lateral expansion. This effect is likely to be examined in 
simple diagonal test shown in Fig.3.6.b.  It is proposed to calibrate a FE model using the 
diagonal compression test results. Both unconfined and confined panels are proposed to be 
tested and modelled. 
 
 
 
Fig.3.5. Ductility versus critical panel aspect ratio. 
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3.4. SUMMARY 
This chapter has provided a simplified approach to determining the in-plane shear response of 
masonry shear walls containing reinforced grout or concrete elements at wider spacing. It is 
proposed to adopt the ASTM-E519-02 (2003) method to assess the effectiveness of 
confinement provided by the reinforced grout/concrete elements to the URM panels.  
The experimental studies on diagonal compression tests of URM with and without confining 
elements are reported in the following two chapters (Chapter-4&5). 
 
 
 
 
 
 
 
 
a) In-plane load on masonry wall b) Diagonal load 
Fig.3.6. Concept behind diagonal compression test. 
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CHAPTER 4 
CHARACTERISATION OF MATERIAL 
4.1 INTRODUCTION 
This chapter contains the detail of experiment investigations carried out to determine the 
properties of the constituent materials of the masonry. These experimental studies were 
broadly divided into two parts; (i) investigation of the masonry blocks and grouts, and (ii) an 
investigation of the masonry.  
The compression tests were conducted on grout cylinders and perpendicular to bed joint tests 
were carried out on masonry units and masonry prisms. The flexural tensile strength of 
masonry was estimated by conducting the four point bending tests. The tensile coupon test 
was carried out on the N12 reinforcement bar. Details of the experimental procedure and test 
data are presented. 
No tests were performed on masonry mortar since it may not have truly represented the 
condition of the mortar which was located in the masonry. The elastic modulus of mortar was 
determined analytically from the test results of the masonry prism and unit. 
 
4.2 MASONRY UNITS 
Hollow blocks have many advantages over other building material; their thermal and sound 
insulation which acts as sacrificial form work for the reinforced grouted core is the significant 
advantage.  
 
The experiments described in this thesis were conducted on half-scale concrete hollow 
blocks. The dimensions of these reduced-scale blocks were 185mm90mm90.5mm (length
heightwidth). For this experiment investigation all blocks were manufactured in Canada 
and imported to Australia. As only one variety of full-sized half-scale blocks was obtained, 
‘U’ blocks were prepared manually. The full-sized half scale blocks and ‘U’ blocks are 
shown in Fig.4.1 and Fig.4.1, respectively. 
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‘U’ blocks were required for grouting hollow cores so that the grout was prevented from 
escaping to adjacent cores. All ‘U’ blocks were handmade by using plywood and adhesive 
liquid nails. Webs were removed either partially or fully, depending on the location of the 
block, sufficient to accommodate 1N12 at centre of the grout.   
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig.4.1. Full sized half scale blocks 
 
 
 
 
 
 
 
 
Fig.4.2.  ‘U’ blocks 
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4.2.1 Dimensions 
The dimensions of the blocks were measured using the provisions in AS/NZS:4456.3(2003). 
Twenty blocks were randomly selected and cleaned from all blisters. Those twenty blocks 
were stacked on a floor as shown in Fig.4.3. The height of each individual unit was 
determined by dividing the total height of the stack by 20. A similar procedure was adopted 
to find the width ( )l and the thickness ( )t of the blocks. The determined dimensions are 
reported in Table.4.1 where tf  and tw are thickness of face shell and web shell, respectively. 
 
 
 
 
 
 
 
 
 
4.2.2 Compressive strength of units  
All tests were conducted using dual servo control push-pull MTS actuators with total capacity 
of 472 kN. The set-up of these servo controlled actuators is explained in Appendix-A.  
 
Uniaxial compressive tests were carried out according to AS/NZS:4456.4(2003) and 
AS3700(2011).  Six concrete blocks were tested. The test specimen and the bearing surface 
of the platens of the test machines were cleaned properly before the specimen were placed in 
the test machine. 3 mm thick timber sheets measuring 18mm×187 mm were inserted between 
block and steel contacts to eliminate any confinement induced by rigid steel contact and also 
to eliminate any effect of point loading applied to the specimen. Then the specimen, 
including timber capping, was aligned with the centre of thrust of the testing machine. Upper 
 
Fig.4.3. Measurement of height 
 
 
 
 
 
 
Table.4.1. Dimensional properties of blocks (mm) 
l  h b tf tw 
185 90 90.5 15.75 12 
 
 
 
 
 
 
 
 
Chapter 4 Page 38 
 
platen was brought down to touch the specimen gently and ensured that uniform seating was 
achieved.  
 
 
 
 
 
 
 
 
 
The compression test was undertaken using displacement control at a rate of 1mm/min as 
specified in AS/NZS:4456.4  . In order to avoid damage to the spherical seat of the platen, the 
load was released as soon as possible. The cushioning effect identified in the load 
displacement curve due to the presence of timber was eliminated from the final data. 
 
The unconfined compressive strength of each specimen was calculated using Eq.4.1. 
1000
uc a
P
f K
A
  4.1 
Where 
ucf - Unconfined compressive strength, in mega Pascals. 
P-  Failure load of the specimen, in kilo Newtons 
A - Face shell area, in square millimetres (5827.5 mm
2
). 
aK - 0.7, aspect ratio factor (AS3700-2011) 
 
Two LVDTs were attached directly to the top and bottom platen of the loading actuators as 
shown in Fig.4.5. The displacement was calculated by subtracting the measurement of 
 
 
Fig.4.4. Masonry compression test with cushioning material 
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LVDT2 from LVDT1. These discrepancies were divided by the height of the unit to 
determine the strain response of the block. The elastic modulus of the blocks was calculated 
from the gradient of the stress strain diagram shown in Fig.4.6.  
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig.4.6. Compressive stress versus strain of hollow block perpendicular to bed joint 
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Fig.4.5. LVDT connection to block 
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The mean unconfined compressive capacity of the unit perpendicular to the bed joint (
ucf ) 
was 18.70 MPa with the coefficient of variation of 7.4%. The average elastic modulus  nE   
of 3300 MPa was obtained where the co-efficient of variation was 10.9 %. 
 
4.2.3 Modulus of rupture test 
It is well known that the tensile strength of a quasi-brittle material can be measured in several 
ways, such as a direct tensile test or a bending test. As the direct tensile test for quasi-brittle 
material is quite complicated to setup to avoid failure at grips, it is relatively easy to measure 
the tensile strength using the four point bending test. The strength obtained from this test 
would be expressed in terms of modulus of rupture or flexural tensile strength.  
In most cases, concrete material has small defects which cause local stress development 
which eventually causes localised failure. When a member undergoes bending, the extreme 
layer of material will be under the largest stress. If those extreme elements are free from 
defects, the flexural strength will be controlled by the strength of those intact elements. If the 
same element were subjected to only tensile forces, then all the layers of material in the 
section would be at the same stress, and failure would initiate when the weakest layer reached 
the limits of its tensile stress. Therefore, it is common for the flexural tensile strength to be 
higher than that of the direct tensile strength. 
Three blocks were stuck together along their head joint using epoxy resin as shown in 
Fig.4.7.b. This Araldite epoxy (Kit K 630) had two packs, one was resin, the other, hardener. 
100 g of resin was mixed with 7 g of hardener according to the manufacture’s specifications 
then applied to the head joint of the cleaned blocks up to 2mm thickness within five minutes 
of mixing. A mild pre-compression load was placed on top of the blocks for two hours, then 
the blocks were let air dry for two days as shown in Fig.4.7.b. Eight beam specimens were 
constructed. The assembled beam had a span to depth ratio of 6.13, which is larger than the 
minimum span to depth ratio of 5 specified in AS/NZS-4456.15(2003). 
The support and loading bars were 30 mm in diameter. Both edge support bars were placed at 
a 30 mm offset from the edge of the beam as shown in Fig.4.7.a. The beam was centred and 
the actuator loading ramp was lowered to touch the specimen without any shock. The load 
was applied at rate of 1mm/min until the specimen failed.  
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From measured load P, the modulus of rupture of the unit (
utf ) can be found using Eq.4.2.  
ut
M
f
Z
   4.2 
Where  
          M- bending moment at failure (Nmm) 
 Z- section modulus of test specimen (mm
3
). 
( )
1000
4
x y
M P

  4.3 
3 3( )
6
B b d
Z
b

  4.4 
Where  
 P-Applied load in kN. 
b – Width of the specimen parallel to axis of bending (mm). 
 
 
 
 
 
 
 
 
Fig.4.7. Modulus of rupture test 
 
a)  Modulus of rupture test apparatus arrangement  
b)  Epoxied specimen curing 
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          h- Depth of the specimen (mm) 
 2 ( )wd h t mm   
From Eq. 4.2 the flexural tensile strength of the specimen was determined. The mean lateral 
modulus of rupture (
utf ) determined was 2.70 MPa with a coefficient of variation 10.9%.  
 
 
 
 
 
 
 
 
Fig.4.8 shows a typical flexural failure of the beam. All specimens failed in the unit. 
 
4.3 GROUT 
4.3.1 Mix details 
To enhance the capacity of shear walls, the cores are filled with grout. The grout used in this 
study needed to be poured through a rectangular hollow core of 59×62.5 mm which proved a 
challenge to grout unless careful attention was given to the coarse aggregate.  
To allow ease of pouring, a very high slump of 260 mm was used. As this test was performed 
at half scale, all the constituent materials used for the experiment were scaled down to half. 
The maximum sand sieve size was reduced from 2.36 mm to 1.18 mm and grading for coarse 
and fine aggregate is shown in Table.4.2 which was extracted from BS-882(1992) and 
modified to represent half scale grout.   
 
Fig.4.8. Typical flexural tensile failure of the test specimen 
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For the 30.00 MPa concrete, the mass ratio of cement:sand:coarse:water was 1.85:3:3:1 using 
Road Note-4 concrete design method (Lydon 1982; Neville 1981).  The aggregate used for 
the grout was obtained from river grout which had a polished surface as shown in Fig.4.9.a. 
Reduced surface roughness of the coarse aggregate increased the slump. The resulting grout 
exhibited satisfactory cohesiveness as shown in Fig.4.9.b. 
 
 
 
 
 
 
 
 
 
 
 
  
 
 
 
 
 
 
Table.4.2. Flexural tensile strength of block 
Sieve size 
(mm) 
Percentage by mass passing BS sieves for 
nominal sizes 
Fine aggregate Coarse aggregate 
(10mm) 
14.0 - 100 
10 - 85-100 
5 - 0-25 
2.36 - 0-5 
1.18 65-100 - 
0.6 45-100 - 
0.3 25-80 - 
0.15 5-48 - 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig.4.9. Grout preparation 
 
 
a) Aggregate 
b)  
 
b) Slump test 
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4.3.2 Test results. 
To ensure the quality of the grout, three cylinders per batch of grout were tested. A total 
number of twelve cylinders were cast using a mold measuring 100 mm in diameter and 200 
mm in height.  Water was sprayed on the cylinder surface and wrapped in plastic sheets to 
prevent moisture escaping from the cylinders. After one week, the layers of plastic sheets 
were removed and specimens were allowed to cure in the air.  
All specimens were tested at 28 days of age. Before testing, both end surfaces were cleaned. 
The cylinder diameter was measured in the two perpendicular directions and ensured the 
difference in measurement was less than 2%.  The test was undertaken at a rate of 350kN/min 
according to AS3600 (2009). The peak load was recorded.  The mean strength of 30.00 MPa 
was recorded in twelve specimens with COV of 6 %.  The typical failure result of specimens 
was two separate cone failures. 
4.4 MASONRY PRISMS 
Uniaxial tests on masonry prisms were conducted to determine the compressive strength and 
stress-strain relationship of the masonry.  Triplet tests were carried out to determine the shear 
strength and four point bending tests were conducted to determine flexural tensile strength of 
the masonry. No tests were conducted to identify the mortar properties because the 
recommended tests to identify the mortar properties are either complex or do not truly 
represent the inherent properties of the mortar. 
4.4.1 Compression test 
A) Construction details 
Using the prism test data, the uniaxial compressive strength and elastic modulus could be 
achieved. Eighteen specimens were constructed; twelve of them were hollow prisms and the 
remainder were grouted prisms.  
All specimens were constructed by competent masons in order to achieve a satisfactory 
standard of workmanship. Before the specimens were constructed, each block was washed 
and cleaned of all debris and dried for two days. A Standard 5 mm thick layer of M3 (1:1:6-
cement:lime:sand) mortar (AS3700 2011) was placed at the bottom, onto which the first 
block was laid to maintain a flat level. All specimens were left exposed to the atmosphere for 
24 hours. Six of the hollow prisms were taken to fill the core with the grout. Each core was 
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cleaned of mortar droppings then the grout filled in three layers, with each layer duly 
compacted using 30 blows.  Finally, a 25 mm grout offset was formed on top of the cores; 
after 1 hour the offset was removed and levelled. After 48 hours of prism construction, water 
was sprayed over all of the specimens which were then wrapped in plastic sheeting for the 
next seven days.  The plastic sheeting was then removed and the prisms left to air cure for 
another five days. All these specimens were tested at fourteen days. 
 
 
 
 
 
 
 
 
 
 
 
 
The compression tests on the prisms were performed in two phases; tests on hollow prisms 
and tests on grouted prisms. The schematic diagram with dimensions is shown in Fig.4.10.a 
and hollow and grouted prisms are shown in Fig.4.10.b. LVDT holders were attached using 
epoxy glue. Properties of the epoxy used are explained in Appendix-C. 
The LVDT was attached to the specimen as shown in Fig.4.11. A 3 mm diameter steel rod 
with a hollow end was used as a rigid platform to hold the moving LVDT arm in position.  
 
 
 
 
 
 
 
 
 
 
 
 
Fig.4.10. Four stack high prisms 
 
a) Isometric diagram 
 
b) Air curing of hollow and grouted prisms 
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B) Test results  
Prism compression testing was carried out in accordance with AS3700(2011).  The test 
procedure is detailed in Section.4.2.2.  
 
The hollow prisms failed at the mortar-block interface and the web shells as shown in 
Fig.4.12.a. Grouted prisms failed due to face shells spalling as shown in Fig.4.12.b. The 
compressive strength of the prisms was calculated using Eq.4.1, in which ka -1.0.  
 
The average stress-strain responses of the hollow and grouted prisms are shown in Fig.4.13. 
It was found that the unconfined mean compressive strength (
hmcf  ) of this hollow masonry 
prism was 9.16 MPa with 16% COV. The grouted prism mean compressive strength ( gmc
f  ) 
was 8.80 MPa with 17% COV. It can be concluded that 30.00 MPa grout had not enhanced 
the compressive strength of the hollow prism. This could be explained through the effect of 
Poisson’s ratio of the materials as per the findings in Kumar and Dhanasekar(1995) and 
Drysdale and Hamid (1979). The Poisson’s ratio of concrete grout is higher than that for 
concrete hollow blocks. Under the loading the radial or lateral expansion of the grout would 
be comparatively higher than that of the block, which eventually causes out-of-plane forces 
on the hollow block’s shell which is termed as wedging action of the grout. Hence a failure 
 
 
 
 
 
 
 
 
Fig.4.11. LVDT connection on specimen 
  
 
LVDT  
Rigid 
platform 
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occurred nearly similar to the hollow prism strength. The average response of stress-strain is 
shown in Fig.4.13.  
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig.4.12. Compression failure of prisms 
 
 
a) Hollow prism 
 
 
b) Grouted prism 
 
 
Fig.4.13. Average compressive stress versus strain response of prisms 
 
θ 
tan θ=En 
=3267 MPa 
Eg= 
14590 MPa 
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It can be said that 
ucf (unconfined compressive strength perpendicular to bed joint) of the unit 
was 3.4 times of the 
utf (tensile strength of the block). 
4.4.2 Four point bending tests 
The flexural strength of masonry perpendicular to the bed joints was determined using the 
beam test method.  All specimens were constructed using M3 mortar. Each specimen was 
seven piers high and stacked as shown in the Fig.4.14.a with mild compression load applied 
at the top pier. Six hollow beams and three grouted beams were constructed and tested. The 
four point bending test schematic diagram is shown in Fig.4.14.b. 
 
 
 
 
 
 
 
 
 
The flexural strength of the unreinforced beam specimen was calculated using Eq.4.5. 
 
mt
hmt
k M
f
Z

  4.5 
Where, 
( )
1000
4
x y
M P

  (x and y are shown in Fig.4.14.b) 
 Z- section modulus of design cross section (179680 mm
3
). 
 
 
 
 
 
 
 
Fig.4.14. Seven high stack flexure specimens.  
 
a) Constructed specimens 
 
 
b) Schematic diagram of test arrangement 
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mtk -1.2 for a 7- high pier 
Hollow masonry flexural tensile capacity 
( )hmtf was determined to be 0.50 MPa with COV 
22%. The typical failure mode of hollow masonry beam is shown in Fig.4.15. Hollow beams 
show flexural failure near the centre of the specimen. Flexural tensile capacity could be equal 
or lesser than that of the shear capacity according to AS3700.   
 
 
 
 
 
 
 
 
4.4.3 Shear bond strength of masonry 
To characterize the shear strength of the masonry, triplet tests were performed on three 
specimens. The specimens were constructed and tested as explained in Section 4.2 and 
Section4.4. Tests were undertaken according to the EN 1052-3 standard [BS EN, 2002]. The 
average shear strength was 0.60 MPa. The test schematic diagram and typical triplet failure 
surface is shown in Fig.4.16.a and Fig.4.16.b, respectively. 
 
 
 
 
 
 
 
Fig.4.15. Failure of flexure test specimens 
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4.5 MORTAR 
According to the Australian Standard (AS3700), mortar specimens produced in absorption 
molds do not fully represent the mortar in masonry joints, therefore no mortar cylinder test 
was carried out.  M3 mortar specified in AS3700 was used with a volume basis proportion of 
1:1:6 (cement:lime:sand) throughout the test. The modulus of elasticity was ascertained from 
the individual modulus of elasticity of the masonry prism and the blocks. The considered 
prism is shown in Fig.4.17.   
 
Consider the prism strain under compression load in between A-B. The strain under 
compression load in between A and B was calculated using Eq.4.6. 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig.4.16. Triplet test arrangement 
 
a) Schematic diagram  
 
 
b) Failure of triplets 
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3 3
3 3
b m b m
prism
b m b mh h h h
   

 
 
   4.6 
Where  
prism - Strain in between A-B. 
 and h  denoted amount of shortening and height whereas subscript ‘b’ and ‘m’ denoted 
block and mortar, respectively. 
b m
b m
b m
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b m
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m m
h h
h h
h h
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  
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Fig.4.17. Mortar and block details 
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Say 
b
m
h
h
   
 1
b m
prism
  





 
 1m prism b        
Knowing E   4.7 
As vertical stress ( ) is same for all specimens, 
prism prism b b mor morE E E    , where E -elastic modulus 
prismb
prism b
E
E


  4.8 
Substituting Eq.4.6 in the below equation 
 1prism m b
m prism prism
E
E
 
 
 
     4.9 
Substituting Eq.4.7, 
 1prism prism
m b
E E
E E
     
Rearranging
mE . 
( )
prism
m
b prism b
E
E
E E E

   4.10 
Using 
prismE =3276 MPa and knowing bE =3304 MPa and  -18, mE was determined as 2840 
MPa. 
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4.6 STEEL 
A tensile test was undertaken in the N12 bar specimen with strain gauge attached on a 
prepared surface. To attach the strain gauge, the rebar surface was flattened to a strip 7 mm 
wide and 15 mm long.. The length of 800 mm for the rebar was required for the grouted 
specimen to be placed in the centre of the grouted core. So each rebar was attached with 4 
strain gauges as shown in the Fig.4.18.a. A pair of strain gauges was attached to both sides of 
the specific location to identify any out-of-plane bending. Since this rebar would be placed in 
the grout, it needed to be protected from water penetrating the strain gauges, so, 
commercially available neutral roof-guttering was applied to the surface of the strain gauge.  
Fig.4.18.b shows the grip arrangement of INSTRON which has the capacity of 100 kN. The 
ductile failure of the specimen is shown in Fig.4.18.c. Two types of test were undertaken; one 
with an uncovered strain gauge attached to the specimen, and the other with a strain gauge 
covered by roof guttering. The one with the cover was submerged under water for one day 
then dried, which represented the real situation of being in grout. The stress-strain diagram 
for these two specimens is shown in Fig.4.19.  
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig.4.18. Tensile test on N12 reinforcement 
 
 
a) Flatten surface 
 
b) Tensile test 
 
c) Failure of specimen 
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From the above graph it was found that the yield stress of the water submerges steel was 500 
MPa with an elastic modulus of 200 GPa. Since both graphs show a similar pattern, it can be 
concluded that the sealant material properly protected the strain gauge from water and did not 
react with strain gauge resin.  
 
4.7 DIAGONAL LOADING TEST ON MASONRY PANEL 
4.7.1 Introduction 
This section presents the diagonal test carried out on two similar Unreinforced Masonry 
panels according to ASTM-E519-02(2002). The construction of masonry panels, 
instrumentation arrangement, loading set-up and data acquisition are outlined. 
 
 
 
 
 
Fig.4.19. Stress-strain response of reinforcement 
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4.7.2 Construction, curing and handling 
The same competent mason who constructed the prisms constructed these panels. For the 
masonry panel construction, 5 mm thick M3 mortar consisting of  cement:lime:sand to a ratio 
of 1:1:6 was used. All masonry panel constructions were carried out within the 125PFC 
(Parallel Flange Channels) formwork as shown in Fig.4.21. 
 
 
 
 
 
 
 
 
Fig.4.20. URM specimens for diagonal test 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig.4.21. URM specimen construction in the PFC channel 
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Initially the PFC section was levelled, then 1000 gauge polythene sheet was spread as shown 
in the Fig.4.21. Then a 5 mm thick mortar layer was spread to level the first course of the 
block properly. Once the construction was finished, enough water was applied to the surface 
of the panels, then all the panels were wrapped using plastic sheets as shown in Fig.4.22. 
 
 
 
 
 
 
 
 
 
 
After one week of curing inside the plastic sheeting, the panels were exposed to the 
environment for another one week with the wrapping removed.. After two weeks from its 
construction date both panels were tested under diagonal loading. Since these specimens 
could not be lifted, it was essential to devise a holder to transport the panels safely.  The 
holder and the shoes are shown in Fig.4.23. The support shoes were designed to comply with 
ASTM E519-02 (2002) whereas all other steel holders were designed according to 
AS4100(1998). In Fig.4.23, red coloured members were removed during the tests.  
 
 
 
 
 
 
 
 
 
Fig.4.22. Masonry specimens curing under plastic wrapping 
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To transport the panels from the construction yard to the loading floor, a forklift and an 
overhead crane were used. The process of transportation and placement is shown in Fig.4.24. 
Once the panel was positioned, the bottom shoe plate was placed exactly under the actuators 
using the forklift. 
 
 
 
 
 
 
 
 
 
 
Fig.4.23. Specimen holder arrangements 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig.4.24. Specimen handling 
 
(a) Transportation of specimen 
 
(b) Placement of specimen in the shoe 
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The entire loading frame arrangement with temporary holders in which the specimen was 
placed is shown in Fig.4.25. Both 310Universal Columns were directly attached to the strong 
floor using one 55mm diameter high strength tensile bolt per column. The tensile strength 
capacity of the bolt was 880 MPa which required that it be bolted in to the embedded ferrules 
located in the strong floor. All other members were connected by M20 bolts which are shown 
in Fig.4.25.  One prop per column was used as shown in the Fig. 4.25.  
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig.4.25. Test loading frame arrangement.  
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Since the loading rig would be under tension during the loading of the specimen, all 
connections were categorised as pin joint. The presence of a guiding beam prevented 
accidental failures. The contact surface of the guide and loading shoe were greased to prevent 
any development of friction forces. Fig.4.26 shows the panels located under the loading 
frame during the load when all temporary holders were removed. 
 
 
 
 
 
 
 
 
 
4.7.3 Testing of Specimens. 
A preliminary study using timber frames and hardwood was conducted to ensure all the 
loading systems and data acquisition systems worked well.  
Each push-pull actuator of 238 kN capacity was dually synchronised to perform 
simultaneously to the above-mentioned diagonal tension test.  The detail of the actuator setup 
and its data acquisition is reported in Appendix-A. All data other than that from the MTS 
controller was acquired using LabVIEW (2004). After ensuring the loading shoe touching the 
specimen, the actuators were set to apply displacement at the rate of 1 mm per minute to the 
specimen. The entire diagonal test was undertaken under displacement control with the same 
rate and it took about 6 minutes to complete each specimen. 
A) Positioning of sensors 
In each experiment 18 channels consisting of strain gauges, LVDTs, load cells and string pots 
were used. The location details were:  
 
Fig.4.26. Specimen under loading frame.  
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 LVDTs 
o Three LVDTs per face at centre of the specimen (6 channels) 
o One LVDT per face to measure any out of plane bending (2 channels) 
o Two LVDTs positioned at the loading shoe level to measure displacement(2 
channels) 
o Two inbuilt LVDTs with actuators to apply displacement rate (2 channels) 
 String Pots (SP) 
o Two string pots per face to measure diagonal shortening and extension (4 
channels). 
 Load cells 
o Two actuators’ load cells reading (2 channels) 
 
Data acquisition instruments used for specimens are shown in Fig.4.27.  
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig.4.27. Schematic diagram of instrumentation  
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Each data acquisition instrument was attached at the front and back of the panel. The average 
values were considered. Fig.4.28 shows the typical specimen located under the frame with 
attached instruments. 
Channels attached to LVDT-1&2 measured the displacement of the loading shoes. 
Channels attached to LVDT-3 measured any out-of-plane movement of the panel. This value 
was continuously monitored throughout the test to ensure the load was applied in an in-plane 
direction.  
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig.4.28. Instrumentation of the panel during testing 
LVDTs to measure 
out of plane bending 
Input module 
Specimen-01 
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Channels attached to LVDT 4, 5& 6 were used to measure the displacement at the centre of 
the panel. There were additional LVDTs attached to measure the displacement. All the 
LVDTs’ wires were directly connected to a PC controller.  
 
Channels attached to String Pots (SP) 01-02 were measuring the actual shortening and 
elongation during the test. The purpose of this instrument is to get shear modulus of the 
panel.  SPs were connected through input modules which were placed very near to panels to 
prevent any loss of data. To acquire the string pots’ data a 24-bit universal analogue input 
module, model no-NI 9219, was used. The input data acquired by three NI-9236 modules and 
one NI-9219 module were transferred to a 32 channel analogue input module, model no-NI 
9205, through the attached chassis. NI-9205 module transferred the data to PC controller 
which was viewed through the computer screen. The module arrangement in the chassis is 
shown in Fig.4.29 . 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig.4.29. Data acquisition arrangement for LabVIEW 
 
 
a)  LVDT connectivity to PC controller  
 
b)  Module arrangement in the chassis 
NI 9205 NI 9236 NI 9219 
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4.7.4 Application of load and acquisition of data. 
All specimens were tested under displacement control to allow monitoring of the complete 
load deformation response, especially in the softening part. The rate of 1.0 mm/min was 
applied throughout the entire test. This applied displacement was ensured at the panel level 
since teh MTS displacement rate contained an error of loading rig expansion and the 
cushioning effect of softening material placed in between loading/support shoe and masonry 
panels.  
The experiment work was stopped when one of the following events occurred:  
 
1. An appearance of visible crack in the panel. 
2. A change in the drop-in load reading of the panel by 25% from its peak. 
3. An exceeding of the absolute diagonal displacement by 10 mm. 
 
For the data acquisition two controllers were used, (i) ‘MTS TestStar IIm’ and (ii) LabVIEW. 
MTS TestStar IIm was used to control the actuator (refer Fig.4.30.a) and received the data 
from load cells and inbuilt LVDTs (refer Fig.4.30.b). Whereas LabVIEW was used to acquire 
the data from strain gauges, LVDTs and string pots. The typical screen shots of MTS 
TestStar IIm are shown in Fig.4.30.   
All data were acquired at a rate of 1Hz, and nearly 360 pieces of data per panel were 
collected. MTS and LabVIEW recorded the data separately in addition to their own PC time. 
Before each test started the time of both the computers was synchronised.  
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4.7.5 Test data 
The data obtained from 18 channels is reported in this section. Among these channels, some 
of them were installed repetitively to ensure the reliability of the data and twice of them were 
installed to ensure the panel was loaded in the in-plane direction. In this section typical data 
received from each channel is plotted.  If the instruments are attached to the front and back 
side of the panel at same location, the average reading was considered. Since each 
configuration contains two similar specimens, they were differentiated by denoting then name 
followed by letter A and B (Specimen-A and Specimen-B). 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig.4.30. MTS TestStar IIm interface 
 
 
b) Monitoring actuator-1 results 
 
 
 
a) Command window 
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A) Load-displacement response. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
For the load, individual actuators reading were added together from the data received from 
MTS. The average reading recorded from LVDT-1 and LVDT-2 was taken for displacement. 
Since two actuators were used there is a potential that the loads in both actuators were 
dissimilar, which would induce moment at the level of loading shoe.  For all the received test 
data, the reading of Actuator-1 was different from Actuator-2. Therefore they were required 
to be adjusted for the moment. A procedure is shown for eliminating the moment in this 
section; Fig.4.31 shows the symbols used in the procedure. 
 
 
Fig.4.31. Schematic diagram with symbols 
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Consider 
2 1P P ; 
For vertical equilibrium, 
1 2R P P     4.10 
Take moment about A 
1 2
2 2
Rx P L P L
    
      
   
 4.11 
Substitute Eq.4.10 in Eq.4.11 
   
 
1 1 2
1
2 2
2 2
P P L P P
x
P P L
   


 
e x L   
 
 
1 2
12 2
P P
e
P P
  


 4.12 
The moment is transferred along the two sides of the wall by resultant force N. 
M R e N H     
R e
N
H

   
Vertical load at loading shoe = cos(45)R N =
R e cos(45)
R
H
 
   4.13 
Horizontal load at loading shoe = sin(45)N =
R e sin(45)
H
 
 4.14 
Substitute Eq.4.12  to Eq.4.13 and Eq.4.14.   
 
Vertical load at loading shoe =  
 1 2
1 2
2 2
P P
P P
H
 
   4.15 
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Horizontal load at loading shoe =
 2 1
2 2
P P
H
 
 4.16 
The true in-plane diagonal compression load was found from Eq.4.15. The horizontal 
component can be found from Eq.4.16. The differential load was corrected in accordance to 
the specified procedure for all specimens. For specimen-A, the corrected curve and the error 
contained curve are shown in Fig.4.32. Maximum effect of vertical component 3% different 
was found. 
 
In Fig.4.32, the modified diagonal load versus diagonal displacement response is shown 
along with virgin curve. From the data the maximum error was 3% and curves are showing 
perfectly similar pattern.  
 
 
 
 
 
 
 
 
 
 
To ensure the load is applied in-plane action two LVDTs were set normal to both side of the 
specimens (out-of plane direction,LVDT-3A & LVDT-3B) and plotted against diagonal 
displacement, as shown in Fig.4.33. The maximum recorded reading was 0.58 mm. Since the 
data of front and back LVDTs were showing similar readings, it was concluded that the 
LVDT readings were due to bulging effect and does not any out-of plane flexure.  It is clear 
that from the graph, there were no out-of-plane movement in the specimen. The differential 
 
Fig.4.32 Load-displacement response of Specimen-A 
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value of LVDT3-front and LVDT3-back was nearly zero and negligible for all practical 
purposes. 
 
 
 
 
 
 
 
 
 
 
 
 
Fig.4.34 shows the load-displacement response of the two diagonally loaded specimens. 
Since these two specimens are similar the average load-displacement response also obtained 
as shown in the figure. The average curve exhibited its peak diagonal capacity as 56.3 kN at a 
diagonal displacement of 3.9 mm.  
 
 
 
 
 
 
 
 
 
 
 
 
Fig.4.33. Out of plane movement versus diagonal displacement  
 
Back 
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The String-Pots (SP) reading is shown in Fig.4.35. The gauge length of 825 mm was 
considered. The diagonal load versus string-pots reading is reported. SP located in the same 
location was averaged. From Fig.4.35 and Fig.4.36, the shear modulus of the panels can be 
found which is reported in Chapter-6. 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig.4.35. Load versus String-pots reading (Specimen-A) 
 
 
 
Fig.4.34. Load-displacement response of panel specimens 
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B) Failure. 
Specimens-A and B exhibited different crack patterns as shown in Fig.4.37. Specimen-A 
failed due to bed joint sliding. Specimen-B failed due to step cracking along its centre of the 
panel through its mortar joints. This type of crack is known as shear cracking which is 
common in diagonal compression test of URM panels. From these two specimens, it can be 
said that the failure could occur either by sliding or by splitting through the centre of the 
panel at near peak load capacity of the panel. Both modes of failure are acceptable 
unreinforced masonry failure under in-plane loading. 
 
 
 
 
 
 
 
Fig.4.36. Load versus String-pots reading of specimen-B 
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C) Shear strength and shear modulus. 
The shear strength ( ) of the masonry is calculated according the procedure given in ASTM-
E519-02(2002).  
The shear modulus is determined from gradient of the shear stress versus shear strain diagram 
as specified in ASTM-E519-02(2002). Eq.4.17 can be used to evaluate shear modulus (G). 
G


  4.17 
Where  is shear stress and   is shear strain.  
2 n
P
A
   4.18 
In which P  is diagonal load and nA is net area.  
The shear strain can be calculated from  Eq.4.19. 
V H
V

  
  4.19 
 
 
 
 
 
 
 
 
Fig.4.37. Masonry specimen failure modes  
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In which, 
V - Shortening of panel in vertical direction 
H -Expansion of panel in horizontal direction 
V- Diagonal length of the square panel 
The shear strength of specimen-A and Specimen-B is determined as 1.35 MPa and 1.51 MPa. 
 
 
 
 
 
 
 
 
 
 
The shear modulus was found as the gradient of shear stress versus shear strain diagram 
shown in Fig.4.38. The shear modules of Specimen-A and Specimen-B are determined as 
382MPa and 385 MPa, respectively. 
4.8 SUMMARY 
Blocks, masonry, grout and steel reinforcement were tested under vertical compression, 
diagonal compression and bending.  
The following mean results were obtained. 
 Compressive strength of units 13.00 MPa. 
 Compressive strength of hollow prisms 9.20 MPa. 
 
Fig.4.38. Shear modulus of specimens 
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 Compressive strength of grouted prisms 8.80 MPa. 
 Compressive strength of grout 30.00 MPa. 
 Modulus of rupture of units 2.75 MPa. 
 Flexural tensile strength of masonry 0.50 MPa. 
 Shear bond strength of masonry 0.60 MPa. 
 Yield strength of steel 500.00 MPa. 
 Modulus of elasticity. 
o Unit 3304 MPa. 
o Masonry 3277 MPa. 
o Mortar 2840 MPa. 
o Steel 200 GPa. 
These datasets are used for the calibration of the FE Model described in Chapter-5. 
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CHAPTER 5  
FINITE ELEMENT MODELLING 
5.1. INTRODUCTION 
This chapter presents adaption of an existing macro explicit finite element modelling method 
for the partially grouted reinforced masonry shear walls to confined masonry. The underlying 
theories of the modelling strategies are explained.  
The adaption of ABAQUS explicit formation and VUMAT subroutine is explained.  The 
modelling procedures and mesh sensitivity study are reported. Calibration of the material 
modelling of the masonry, the grout and the concrete is briefly discussed. 
Finally the FE model is used to predict the behaviour of unconfined and confined masonry 
panels. 
5.2. MACRO MODELLING AND EXPLICIT ANALYSIS 
METHOD 
Masonry is an anisotropic material with embedded mortar joints. Where the large wall panels 
are encountered, macro analysis provides computational advantages. In macro modelling the 
average stress-strain properties of masonry as a composite material is considered. This 
anisotropy of masonry composite arose from the geometrical arrangement of units and mortar 
in a typical wall. Several researchers have carried out experimental investigations to identify 
the failure surface for masonry panels under uni-axial and bi-axial conditions (Dhanasekar 
1985; Samarasinghe et al. 1981).  Seim (1994) and Lourenço et al. (1998) adopted modern 
plasticity theories to analytically formulate the yield surfaces for masonry. 
Although application of the theory of plasticity model to masonry is contentious, to date 
reasonable predictions of shear walls action are reported in the literature (Anthoine 1995; 
Lourenço 1996; Pegon and Anthoine 1997). 
One of the major disadvantages of macro modelling is that incorporates smeared crack 
modelling which causes localisation leading to mesh size dependence (or, mesh pathology). 
A non-local theory would be more complex and hence a length parameter is used to 
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compensate for compensating the mesh pathology. As masonry component consists of mortar 
joint and unit, each element of the mesh should encompass some part of the mortar and block 
to provide physically consistent results. The importance of the mesh size and its sensitivity 
are briefly discussed in this chapter. 
5.2.1. Masonry material modelling 
The uniaxial behaviour of masonry can be depicted using tensile cracking and compression 
crushing mechanisms. Under bi-axial loading, the behaviour becomes more complex. In order 
to model orthotropic material behaviour of masonry, a Hill type yield criterion for 
compression and a Rankine type  yield criterion for tension, proposed by Lourenço et 
al.(1998) was adopted. This formulation can be used for plane stress element with three stress 
components as shown in Fig.5.1. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig.5.1. Composite yield surface with iso-shear stress lines (Lourenço 1996) 
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A) Hill type yield surface 
Fig.5.2 shows the hill type failure surface on    plane. Only the compression part is 
considered. 
 
 
 
 
 
 
 
 
 
The Hill type yield surface can be expressed as in Eq.5.1, 
2 2 2
2 1 0x x y y xyf A B C D           5.1 
Where A, B, C and D are material parameters and mentioned in Eq.5.2 
   
 
 5.2 
 
Where cx  and cy are the compression yield stresses along x and y axis, respectively and 
cK  is a scalar parameter which controls the limit of hardening and softening. The parameters 
  and   determine the shape of the yield surface. To input this equation into VUMAT 
subroutine, they were converted into matrices as shown in Eq.5.3 and Eq.5.4. 
 
Fig.5.2. Hill type yield surface  
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Chapter 5 Page 77 
 
 
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2
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 
  
 
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Cσ F  5.3 
Where CF  is, 
 
 
 
 
2 0
2 0
0 0 2
cn c
cp c
cp c
C
cn c
K
K
K
F
K







 
 
 
 
 
 
 
 
 
 
 5.4 
The parameter   can be obtained from Eq.5.5. For which the masonry compressive stress 
parallel to bed joint ( mxf ), perpendicular to bed joint ( myf ) and the collapse load at bed joint 
45 degree where no shear stress exist (
45deg.f ). 
2 2 2
45deg. . .
1 1 1
cp cn
cp cn
f f
f f f

 
   
  
 5.5 
The parameter   which controls the shear stress contribution to failure can be obtained from 
Eq.5.6. 
2
cp cnf f


  5.6 
Inwhich   is pure shear strength. 
To define the material yield criteria seven strength parameters and five inelastic parameters 
are required. The seven strength parameters and five inelastic parameters are 
, , , , , ,tp tn cp cnf f f f     and , , , ,ftp ftn fcp fcn pG G G G k  , respectively, In which G stands for Energy 
and k  is strain at compression failure. All other parameters are shown in Fig.5.3. 
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The simplified equations for  ,   and   are shown in Eq.5.7. 
1
1 4 1 4
9
tp tn
f f
f f 

  
    
  
  
2 2 2
1 1
cp cn
cpx cn
f f
f f f


 
   
  
 5.7 
2 2 2
16 1 1
9 cp cn
cp cp cn cn
f f
f f f f f


  
      
   
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig.5.3. Tests on masonry assemblages (Lourenço 1996) 
 
(a) Uniaxial tests 
 
 
(b) Biaxial tests 
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It was assumed that the peak value occurred simultaneously on both material axes. The 
hardening and softening law is shown in Fig.5.4. 
 
 
 
 
 
 
 
 
 
Let, 
pi mif   
1
3
ii mif  , 
1
2
mi mif  ,
1
10
ri mif  . The equivalent compression strain pK  is corresponding 
value of strain at peak compressive strength. In order to obtain a mesh independent energy 
dissipation the parameter miK is given by, 
75
67
fci
mi p
mi
G
K K
hf
    
To avoid divergence the condition in Eq.5.8 is imposed. 
mi
mi p
i
f
K
E
   5.8 
The associate flow rule and hardening/ softening is shown in Eq.5.9. 
1 T p
c c
c
   

   5.9 
For a single surface plasticity, the following (Eq.5.10) non-linear equations at yielding can be 
used. 
 
Fig.5.4. Hardening and softening law for compression (Lourenço 1996) 
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 5.10 
B) Rankine tension yield criterion 
A Rankine type yield function that allows for softening was proposed by Feenstra and De 
Borst (1995) in which the state of stresses  , &x y xy   , the equivalent stress ( t ) and a 
scalar  tk are related to each other as shown in Eq.5.11. 
 
2
2
1
2 2
x y x y
xy t tf k
   
 
  
    
 
 5.11 
The Rankine yield surface then re-written by Lourenço (1996) for orthotropic material 
capable of accounting different tensile strength in both orthogonal direction is shown in 
Eq.5.12. 
       
2
2
1
( ) ( ) ( ) ( )
2 2
x tx t y ty t x tx t y ty t
xy
k k k k
f
       

      
   
 
 
 5.12 
In which the parameter   controls the contribution of shear stress to failure can be written as 
shown in Eq.5.13. 
2
tx tyf f


  5.13 
Equivalent stress  tx  in x and ty in y-direction can be written as Eq.5.14. 
tx
t
fx
hf
k
G
tx txf e
 
 
 
   
ty
t
fy
hf
k
G
ty tyf e
 
 
 
   5.14 
in which the characteristic length parameter, h, is defined as in Eq.5.15. 
eh A  for linear element. 5.15 
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In Eq.5.13, txf , tyf and   are uniaxial tensile strength parallel to bed joint, uniaxial tensile 
strength perpendicular to bed joint and pure shear strength, respectively. eA is area of the 
chosen element. 
The parameter h (Eq.5.15) can contribute to convergence at constitutive level. Eq.5.16 limits 
h to avoid convergence problems. 
2
fi i
ti
G E
h
f
  5.16 
Where iE  is young modulus and i  refers to the material axis ( p or  n). 
Shear modulus of the masonry can be calculated using Eq.5.17. 
 2 1
n pE E
G



 5.17 
 
5.2.2. Non-linear explicit modelling procedure.  
Two types of analysis method are possible in FE formulations: Implicit analysis and explicit 
analysis. Implicit analysis uses stiffness based solution technique that is unconditionally 
stable and explicit method uses explicit formulation which is conditionally stable. Explicit 
analysis was adopted for the current problem because it deals with highly non-linear 
materials degradation process and complex mechanism of failure. Material degradation often 
leads to severe convergence difficulties in standard implicit analysis programs, but 
ABAQUS/Explicit models capable of handling such materials well.  
Explict solution methods are originally developed for high speed dynamics events, complex 
contact problems and complex post buckling problems where stiffness of the structure 
changes drastically in very short period. Although well posed explicit formulation can save 
computational effort of complex problems, with highly nonlinear, limited tension materials 
where implicit formulations abruptly stop. Hence explicit solution method was adopted. 
Availability of high power supercomputing nodes and clusters at QUT has made the 
computational effort involved in large number of analyses (reported in chapter-7) possible. 
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The ABAQUS explicit formation equations of motion for the body that are integrated using 
the explicit central difference integration rule can be written as in Eq.5.18, 
   
 
1 1 1
2 2
2
j j
j j
jt t
V V V
        
   
 
   5.18 
     
1
1 1 2
j
j j j
V V t V
 
       
Where V indicates displacement, and first and second derivatives of V indicates velocity and 
acceleration, respectively. The subscript ‘j’ indicates increment values. The explicit 
formation calculates acceleration at the beginning of the increment is written in Eq.5.19. 
    1. i iV M F  I  5.19 
Where M is diagonal lumped mass, F is applied load vector and I is the internal force vector.  
The explicit procedure integrates through time by using many small time increments. At the 
time of central difference operator is conditionally stable, the stability limit for the operator 
can be written in terms of highest Eigenvalue in the system as of Eq.5.20. 
max
2
ele
t

   5.20 
Where 
max
ele is element maximum Eigenvalue. 
The conservative estimate of the stable time increment is dictated by the minimum time taken 
over all the elements. This limit can be re-written as in Eq.5.21. 
min
d
h
t
C
 
   
 
 5.21 
Where h  indicates characteristic length parameter dC  is current effective wave speed of the 
material.  
Current effective wave speed dC  can be calculated using Eq.5.22. 
2
dC
 


  5.22 
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Where   and   are effective Lamé constants. 𝝆-material density. 
A) Modelling procedure 
The general modelling procedure adopted for masonry walls is briefly explained here. 
I. ABAQUS CAE was used to create the model. In the ‘part’ module a single masonry 
wall ‘part’ was created as deformable element with shell base feature in the 2D space. 
‘Part’ represents the masonry wall geometry which was considered as platform of the 
masonry model associated with material and different meshing.  
a. Partition of the created ‘part’ was apportioned to mark the boundary between 
grout and URM. Initially reference points were created in the edge to perform 
partition on the face.  
b. Material properties were assigned to each part. Material name was given 
followed by its density. Then its mechanical properties (Elastic modulus and 
poisson ratio) were defined. For masonry User_material properties were used 
according to the VUMAT subroutine.  
c. Then homogenous solid section was assigned to concrete and masonry 
elements and truss section to steel element. The corresponding material to 
each section and its effective thickness for solid section and cross sectional 
area for steel element was defined. 
d. These defined sections were assigned to individual partioned element in the 
defined part. 
II. Each part was meshed separately. Initially edge seeds were applied considering the 
mesh size of 110×95 for masonry section and 95×95 for grout or concrete section. 
Once the seeds were applied along the partitioned edges the mesh was selected from 
element library available in the ABAQUS explicit formation where structured mesh 
with explicit linear plane stress element with hourglass control was selected. 
III. Instance was called in the assembly module and the mesh was identified as dependent 
to ensure defining of all meshes in the part. This module define the parts to interact 
with each other and combine them in different ways that could represent the real 
structural form.  
IV. Total of 50 steps were defined with 0.5 mm vertical displacement (a maximum of 25 
mm diagonal across the specimen) per step with the step time of 30 seconds for the in-
plane shear analysis.  
Chapter 5 Page 84 
 
V. In the field output and history output, required output parameters such as the reaction 
forces at selected key nodes, the stress and strain data of critical elements, energy 
dissipation of the models were defined. These output data were included in the .odb 
file which could be graphically viewed using the ABAQUS/Visualiser platform; the 
history output data can be further analysed or reproduced into the excel sheets for 
graphing of two measurements of data (for example, strain and stress at a point). 
VI. Finally the input file with an extension “.inp” was generated from the CAE module. 
This file along with ‘VUMAT’ subroutine was submitted to HPC (High Performance 
Computing facility) for the analysis. The command which was used in HPC platform 
was,  
‘ABAQUS queue=long memory=10000mb cpus=12 job=<name> user=Vumat.f’. 
VII. Once the HPC completed the analysis the output ‘.odb’ file was downloaded and post 
processed. These analysis results are reported in the following sections. 
 
To provide insight to the procedure, a simple masonry panel loaded in horizontal in-plane 
direction was provided as a numerical example. In quasi-static analysis it is important to 
increase the computational accuracy and reduce the cost by either speeding up simulation or 
scaling the mass. In either case the kinetic energy of the system should be monitored to 
ensure that the ratio of kinetic energy to internal energy does not get beyond 10%. For the 
study 850 mm dimension square panel was considered as shown in Fig.5.5. The bottom nodes 
were fixed in the vertical and the horizontal directions whilst the top nodes of the walls were 
pushed in the horizontal direction. Vertical movement of top nodes were restricted to 
simulate fixed boundary condition.  
The wall was pushed at a rate of 1.0 mm/ min in a horizontal direction. The kinetic energy 
versus displacement curve was obtained along with its load displacement response and 
reported in Fig.5.6. 
 
 
 
 
Chapter 5 Page 85 
 
 
 
 
 
 
 
 
 
 
 
 
 
It is clear from Fig.5.6 that whenever sudden drop of load experienced, the kinetic energy 
was relatively high. It indicates the formation of crack. At a displacement near 8 mm 
considerable amount of kinetic energy dissipation was noticed along with sudden drop of 
load which indicates the formation of major cracks prior termination of the analysis.  It can 
be seen from Fig.5.6.b that the kinetic energy was kept very low in terms of internal energy. 
So the inertia effect was successfully minimised hence the model could exhibit closer 
behaviour to that of the experiment walls. 
 
 
 
 
 
 
 
Fig.5.5. Wall details for hypothesis 
 
850 mm 
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5.3. CALIBRATION OF THE FE MODEL 
The calibration of parameters defining the properties of the unreinforced masonry was carried 
out from the results of masonry prisms and panels. The panel was modelled in ABAQUS and 
material model was incorporated using VUMAT subroutine.  
To model masonry, solid continuum plane stress element was used with 2D plane base 
feature. ABAQUS denote this element as ‘CPS4R” where C accounts continuum, PS stands 
for plane stress, 4 and R indicate 4 node bilinear and reduced integration with hourglass 
control, respectively. Initially, the mesh sensitivity study was carried out to identify the 
optimum mesh size before validation of the model. 
5.3.1. Mesh sensitivity analysis.  
A)  An overview 
Convergence studies were carried out using elastic analysis. Too fine mesh increases the 
processing time and demand high capacity computational resources. Too coarse mesh could 
provide unrealistic results. Once an appropriate mesh in identified from elastic analysis it 
could be used for non-linear analysis.  
 
 
 
 
 
 
 
 
 
Fig.5.6. Kinetic energy versus displacement 
 
a) Kinetic energy and load response  
 
 
b)  Kinetic energy and internal energy 
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B) Modelling procedure and convergence studies 
The finest mesh used for the analysis is shown in Fig.5.7. A square panel of size 660 
mm×660 mm was selected with each square mesh size of 25 mm. The total number of nodes 
for 660mm×660 mm panels was 729. As each node had two degree of freedom, the total 
number of degree of freedom was 1458. As shown in Fig.5.7 the load was directly applied to 
the masonry panel node along the length of the bearing plate/shoe. The length of the bearing 
over which the nodal vertical displacement applied was 100 mm, representing 5 nodes per 
each side.  The same length of bearing was considered in the bottom support where nodal 
displacement in the x and y direction was arrested. Two elements were selected as Key 
elements as shown in Fig.5.7.  Key element-1 was selected near the loading shoe where 
higher compression stress exists. Key element-2 was selected at the middle of the panel 
where higher tensile stress occurs.  
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig.5.7. Wall panel mesh arrangements 
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Key element-2 
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Eight mesh sizes were considered. Fig.5.8 shows the diagonal critical load at the diagonal 
critical displacement of 2.5 mm for different meshes. 
 
 
 
 
 
 
 
 
 
 
 
Fig.5.8 shows a trend on convergence was achieved. It is also visible that each point slightly 
deviating from the trend line. The corresponding stresses state convergence in key elements 
confirms.  
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig.5.9. Principal stresses in the key element-1 
 
a) at Key element 
 
 
b) at Key element 
 
 
Fig.5.8. Load versus DOF 
Optimum mesh 
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Fig.5.9 and Fig.5.10 show the variation of stress at Key element-1 and Key element-2 with 
the size of mesh, respectively. Mesh containing total degree of freedom of 112 was selected 
as the optimum which represents 94.28mm × 106.25mm size elements in the 850mm square 
panel. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig.5.10. Principal stresses in the key elemnt-2 
 
b) at Key element 
 
b) at Key element 
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5.3.2. Calibration of parameters.  
 21 parameters which govern the masonry were calibrated. For the calibration of the model 
the values obtained from material characterisation was used. For the validation tests size of 
850 panels were considered, loaded in the diagonal direction as shown in Fig.5.11. A rate of 
1mm/min was applied at the top whilst bottom was arrested from any movement. For the 
meshing the converged size of mesh was considered. Each mesh was carefully selected to 
represent half block and mortar. Therefore the height of the mesh was kept constant as 95 
mm which is equivalent to 1 block height (90 mm) + 2 times half mortar thickness (2×0.5×5). 
A tolerance of 1 mm was allowed to match over all wall dimensions. For example, 660mm 
square panel height was represented by 7 numbers of 94.28 mm height mesh. The stress 
convergence was established at a DOF of 112 as shown in Fig.5.9 and Fig.5.10. Therefore a 
rectangular mesh was selected. The grouted frame was always represented by 94.44mm × 95 
mm for vertical grout and 95 mm × 110 mm mesh for horizontal grout to get common mesh 
point. For a URM specimen of size 850 mm × 850 mm, a uniform mesh of 94.44 mm high 
and 106.25mm long mesh was considered. The mesh sizes of grouted frames are shown in the 
later sections. 
 
 
 
 
 
 
 
 
 
 
 
 
Fig.5.11.  Mesh arrangement for Panels 
94.44mm 
106.25 mm 
Loading 
Support 
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The geometry and mesh arrangement of the panel along with its mesh element numbers are 
clearly shown in Fig.5.11. For the validation of the panels the load displacement response and 
its crack pattern were validated with experimental results. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 Table.5.1. Material properties for masonry  
No. Details Parameters 
Value for 
URM 
1 Tensile strength parallel to bed joints 
2( )tpf Nmm

 0.5 
2 Fracture energy parallel to bed joints 
2( / )ftpG Nmm mm  0.65 
3 Tensile strength normal to bed joints 
2( )tnf Nmm

 0.27 
4 Fracture energy normal to bed joints 
2( / )ftnG Nmm mm  0.3 
5 
Shear stress contribution factor to the tension 
failure 
  1.25 
6 Mathematical variable for plastic flow of masonry g  1 
7 Compressive strength parallel to bed joints 
2( )cpf Nmm

 2.95 
8 
Energy for compression failure parallel to bed 
joints 
2( / )fcpG Nmm mm  1 
9 Compressive strength normal to bed joint 
2( )cnf Nmm

 9.2 
10 Energy for compression failure normal to bed joints 
2( / )fcnG Nmm mm  6 
11 Biaxial compressive strength factor   -1.17 
12 
Shear stress contribution factor to compression 
failure 
  4 
13 Strain at compression failure p  0.0025 
14 
Characteristic length of critical elements 
(Eq.5.15) 
h (mm) 102 
15 Young’s Modulus of masonry parallel to bed joints ( )pE MPa  1626 
16 Young’s Modulus of masonry normal to bed joints ( )nE MPa  2155 
17 
Young’s Modulus of masonry along thickness 
direction 
( )zE MPa  0.001 
18 Poisson’s Ratio of masonry parallel to bed joints 
p  0.2 
19 Poisson’s Ratio of masonry normal to bed joints 
n  0.2 
20 
Poisson’s Ratio of masonry along thickness 
direction z
  71e  
21 Shear Modulus of masonry of masonry (Eq.5.17) ( )G MPa  780 
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Initially the mean values of tested parameters were input along with other parameters. The 
calibration was carried out by tuning the tested parameters within their range. All 21 
parameters were changed to find its sensitivity.   
The final values obtained from validation are shown in  Table.5.1. These values were 
achieved when load-displacement response of the FE model matched with experimental 
response of both panels (Specimen-A panel and Specimen-B). Simultaneously, the crack 
pattern was observed and well matching was observed at these validated values. 
For the compressive strength perpendicular to bed joint ( )cnf , the value of hmcf   (mean 
compressive strength of hollow masonry perpendicular to bed joint), 9.2 MPa was considered 
which is the mean value obtained from the 12 prism tests. Since there were no tests carried 
out to identify compressive strength parallel to bed joint ( )cpf  the ratio reported from various 
studies was considered. The /cp cnf f  ratio remains in between 2 to 4 (Lourenço 1996).The 
value of 2.95 was obtained for 
cpf . The energy for compression failure ( )fcnG , was obtained 
from same hollow prisms test considered as shown in Fig.5.12. The shaded area of 
compression prism test was calculated. Tested twelve prisms’ energy for compression failure 
perpendicular to bed joint   hmcG   was varying from 4.3 to 8.7
2
/Nmm mm

. The value of 6 
2
/Nmm mm

was giving close match. 
 
 
 
 
 
 
 
 
 
 
Fig.5.12. Energy for compression failure of hollow prisms 
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The elastic modulus nE obtained from these compression tests varied from 2155MPa – 
4400MPa (Appendix B). The minimum value of nE -(2155 MPa) provided good agreement 
with experimental results. The calibration process provided 780G MPa  as the best value. 
Assuming Poisson’s ratio as 0.2, using Eq. 5.17, pE was calculated as 1626MPa. 
Characteristic length was calculated from Eq.5.15 as 102mm. 
For other all parameters the calibrated values reported in  Table.5.1 showing good 
agreement with published data(Dhanasekar et al. 1985; Ganz and Thürlimann 1982; 
Lourenço 1996; Lurati and Thürlimann 1990; Syrmakezis and Asteris 2001). 
5.3.3. Load-displacement response.  
Diagonal load versus diagonal displacement curve of the both experimental responses and FE 
model are presented in Fig.5.13. The elastic region shows well agreement with experimental 
data. 
 
 
 
 
 
 
 
 
 
 
 
Both the FE model and the experiment exhibit good agreement. These walls reached the peak 
diagonal load at a diagonal displacement of approximately 4.2 mm (FE-4.2mm, Specimens-A 
- 3.9mm & Specimen-B- 4.2mm). There is a minor difference in the peak load prediction 
  
Fig.5.13. Diagonal load versus diagonal displacement of Specimens-A&B 
 
0
10
20
30
40
50
60
70
0 0.5 1 1.5 2 2.5 3 3.5 4 4.5 5
D
ia
g
o
n
al
 l
o
ad
 (
k
N
) 
Diagonal displacement (mm) 
Specimen-A
Specimen-B
FEM
Chapter 5 Page 94 
 
where FEM predicts 48 kN, the experimental failure load is 55 kN. Since FE model in the 
conservative side these agreement is considered acceptable. 
6.4.2.1 Failure modes. 
Logarithmic principal strains obtained from the FE model are presented in Fig.5.14. The 
strains and stresses in the elastic region of the panel which is at 1 mm of diagonal 
displacement are shown in Fig.5.14.a and Fig.5.14.b, respectively. 
It is visible that at 1mm of diagonal displacement, in the elastic region, logarithmic maximum 
and minimum principal strains were distributed along the diagonal length of the wall. The 
magnitude of maximum tensile in-plane strain (shown by red colour) and minimum 
compression in-plane strain (shown by blue colour) was 680  and 1400 , respectively. 
The strain values were kept on increasing with diagonal displacement. 
 
 
 
 
 
 
 
 
 
 
 
 
 
The strain at failure obtained from FE model is shown in Fig.5.15.a whilst actual crack of the 
experimental specimen-B is shown in Fig.5.15.b.  The tensile and compression strain at 
 
 
 
 
 
 
 
 
 
 
Fig.5.14. Principal stress and logarithmic strains at 1mm diagonal displacement 
 
(a) Principal logarithmic strain  
 
(b) Principal stress 
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failure was 18000  and 6600 , respectively. The higher magnitude of the tensile strain at 
failure indicates that the occurrence of major crack in the centre of the panel.  
 
 
 
 
 
 
 
 
 
 
 
 
5.4. PREDICTION FOR URM AND CONFINED PANELS 
Using the validated FE model further analyses were carried out. For these studies initially 
660 mm square Un-Confined Masonry (UCM) panel was considered. This panel is denoted as 
UCM. Then two types of confinement was planned to provide to the UCM panels. One type 
of confinement was grouted frame with the width of 95 mm. This grouted framed panel is 
denoted as GCM panel (Grouted Confined Masonry). The other type of confinement was 
Concrete Confined Masonry panels denoted as CCM panel which is same width frame as of 
GCM confining core but entirely build with concrete frame using formworks.  
The isometric diagram of these UCM , GCM and CCM panels are shown in Fig.5.16, 
Fig.5.17 and Fig.5.18, respectively. 
 
 
 
 
 
 
 
 
 
 
 
 
Fig.5.15. Failure of panels 
 
 
 
 
 
a) At displacement of 4.3 mm (failure). 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
b) At failure. 
 
 
 
 
 
 
 
 
 
 
 
 
 
Cracking 
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Fig.5.16. UCM Panel 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig.5.17. GCM Panels 
 
 
a) Isometric view 
 
b) Top view 
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UCM panel can be easily modelled using existing validated model for Specimens-A & B. 
However for GCM and CCM panels, further material models are required to represent 
grouted core, concrete frame and steel reinforcement.  
5.4.1. Material parameters for grout, steel and concrete.  
A)  Grout 
Since grouted prism strength was slightly lower to the hollow prisms strength due to failure 
of face shell. Since the face shell determines its strength, the orthotropic behaviour of 
masonry is inherited with grouted masonry. To model grout, same VUMAT subroutine which 
was used to model Specimens-A & B wall was used with different parameters. 
The 21 parameters were selected closer to that of URM parameters. Compressive strength 
normal to bed joint was considered as mean compressive strength value of 8.7 MPa obtained 
from grouted prism ( )gmcf  . The corresponding energy was calculated as 2.5
2 /Nmm mm . 
 
Fig.5.18. CCM Panels 
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Same values of URM material were assumed for compression parallel to bed joint as the face 
shell become more dominant and could influence higher than that perpendicular direction. 
For the tensile properties slightly higher values than URM parameters were used. Poisson 
ratio was considered as 0.22 in both directions. The shear stress contribution factor to 
compression failure was reduced to 2. 
From the grouted prism tests the obtained mean elastic modulus ( )nE  was 14500 MPa. The 
corresponding pE  value was obtained from /p nE E  ratio of URM parameter that was 5300 
MPa. This elastic modulus parameter is quite important since the initial gradient of the load-
displacement curve ultimately depend on it.  
All the considered values for grout is reported in Table.5.2. 
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 Table.5.2. Material properties for grout 
No. Details Parameters 
Value for 
grout 
1 Tensile strength parallel to bed joints 
2( )tpf Nmm

 0.55 
2 Fracture energy parallel to bed joints 
2( / )ftpG Nmm mm  1 
3 Tensile strength normal to bed joints 
2( )tnf Nmm

 0.32 
4 Fracture energy normal to bed joints 
2( / )ftnG Nmm mm  0.55 
5 
Shear stress contribution factor to the tension 
failure 
  1.25 
6 Mathematical variable for plastic flow of masonry g  1 
7 Compressive strength parallel to bed joints 
2( )cpf Nmm

 2.95 
8 
Energy for compression failure parallel to bed 
joints 
2( / )fcpG Nmm mm  0.8 
9 Compressive strength normal to bed joint 
2( )cnf Nmm

 8.7 
10 Energy for compression failure normal to bed joints 
2( / )fcnG Nmm mm  2.5 
11 Biaxial compressive strength factor   -1.17 
12 
Shear stress contribution factor to compression 
failure 
  2 
13 Strain at compression failure p  0.001 
14 
Characteristic length of critical elements 
(Eq.5.15) 
h (mm) 95 
15 Young’s Modulus of masonry parallel to bed joints ( )pE MPa  5300 
16 Young’s Modulus of masonry normal to bed joints ( )nE MPa  14500 
17 
Young’s Modulus of masonry along thickness 
direction 
( )zE MPa  0.0001 
18 Poisson’s Ratio of masonry parallel to bed joints p  0.22 
19 Poisson’s Ratio of masonry normal to bed joints 
n  0.22 
20 
Poisson’s Ratio of masonry along thickness 
direction z
  71e  
21 Shear Modulus of masonry of masonry (Eq.5.17) ( )G MPa  3500 
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B) Steel 
Reinforcement bars were modelled using wire feature associated with truss element. Since 
the reinforcement located in the grout or concrete would not resist compression a value of 
1.00 MPa was considered. These truss elements were embedded in masonry grout or concrete 
elements represented by CPS4R. The size of CPS4R element was 95 mm wide and 95 mm 
high. Truss elements were two node linear elements denoted by ‘T2D2’. 
The truss element mesh of size 60 mm was selected. Fig.5.19 shows the typical truss element 
which represents 1N12 reinforcement embedded in the grout/concrete.  
The way in which steel embedded elements act with host CPS4R element is briefly 
explained. In Fig.5.19, steel embedded element is shown using node numbers 1,2,3,4 and5 
whereas the host grout element is shown by element X,Y and Z (CPS4R). Element X is 
defined by nodes A, B, G and H, element Y is defined by nodes B, C, F and G and element Z 
is defined by nodes C, D, E and F. The embedded steel wire element node 1 lies inside host 
element X. All degree of freedom of node 1 is constraint with node A, B, G and H with an 
appropriate weight factor. 
 
 
 
 
 
 
 
 
 
 
 
 
Fig.5.19. Embedded steel element  
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This weight factors is determined by geometric location of ‘1’ in the element-X. Since node-2 
is located on edge B-G, its degree of freedom is restrained with B and G with an appropriate 
weight factors. Simultaneously node 3, 4 and 5 are restrained with element Y and Z, 
respectively. 
Since there was no compression stress in steel, only tension force was active on the steel 
reinforcement. User material with 9 constants was used to represent the steel reinforcement 
material model as shown in Fig.5.20. The other two parameters were area of steel-110 2mm  
and compressive strength of 1MPa was considered. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig.5.20. Steel stress-train response 
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C) Concrete 
For the concrete, the damage plasticity model available in the ABAQUS was used. Damage 
plasticity model is capable of exhibiting the behaviour of concrete in monotonic and cyclic 
loading conditions. This model can be used for concrete under limited confining pressure 
(less than 25% of the ultimate compressive strength of the concrete). This model is capable of 
considering following effect of concrete, 
1. Different degradation in tension and compression. 
2. Softening under of tension after peak. 
3. Different yield strength in tension and compression. 
However other models, such as the smeared cracking models are capable of representing 
concrete behaviour. These models are highly sensitive to the mesh size and FE model do not 
converge upon formation of cracks. Hence the damage plasticity model was adopted. In this 
model the stress tensor in terms of effective stress can be written as (Eq.5.23), 
(1 )D    5.23 
Where   is stress tensor, D is damage scalar and   is effective stress. 
The uniaxial behaviour of the concrete for tension (t) (Eq.5.24) and compression (C) 
(Eq.5.25) can be written in terms of equivalent plastic strains,  
0(1 ) ( )
pl
t t t tD E      5.24 
0(1 ) ( )
pl
c c c cD E      5.25 
All denoted symbols are shown in Fig.5.21.  
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. 
 
 
 
 
 
 
 
 
 
The yield function proposed by Lubliner et al. (1989) was implemented in ABAQUS which 
is shown in Fig.5.22. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig.5.21. Concrete uniaxial response 
 
a) Compression 
 
 
b)Tension 
 
Fig.5.22. Yield surface in plane stress (ABAQUS 2012) 
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Where, 
1
.
3
p I   5.26 
3
:
2
q S S  5.27 
S pI    5.28 
   
( )
( ) 1 1
( )
pl
pl c c
pl
t t
 
   
 
     5.29 
2
bo co
bo co
 

 



 5.30 
1ˆ  and 2ˆ  are Eigenvalues of the effective stress tensor and, bo  and co  are initial 
equivalent and uniaxial compressive yield stress, respectively. 
The flow rule for damage plasticity model was adopted from Drucker-Prager hyperbolic 
function as shown in Eq.5.31.  
 pl G  




 5.31 
G can be found from Eq.5.32. 
 
2 2tan tantoG q p      5.32 
Where   is the dilation angle of concrete measured in the p-q plane, to denote tensile 
strength of concrete and    account eccentricity. 
The properties used to validate the models were either obtained through material tests or 
considered from various publications (ABAQUS 2012; Sfer et al. 2002); these are listed in 
Table.5.3. An elastic modulus of 26000 MPa and Poisson ratio of 0.25 was considered. 
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5.4.2. Prediction of model.  
The modelling was carried out to UCM, GCM and CCM panels similar to the way that URM 
specimen was modelled. In GCM and CCM panels additional partition was required to define 
confining frames. Furthermore, the steel rebar was embedded using interaction option 
available in the Assembly. Finally, 1mm/min load was applied to the diagonal direction and 
the reposes were received. The mesh arrangement of UCM and GCM panels are shown in 
Fig.5.23 and Fig.5.24, respectively.  
The UCM panel mesh sizes are same as URM panel specimen mesh size as shown in 
Fig.5.23. Fig.5.24 shows mesh sizes of GCM panels. The edge layer of the mesh, shown by 
red colour, indicate grouted core (confining element).  
 
 
 
 
Table.5.3. Concrete material properties 
General properties Compressive behaviour Tensile behaviour 
Parameters values 
Yield stress 
(MPa) 
In-elastic 
strain 
Yield stress 
(MPa) 
Cracking 
strain 
Dilation angle 36 28 0 2.6 0 
Eccentricity 0.1 31.5 0.0008 1.2 0.00016 
/bo co   1.16 31.7 0.0016 0.8 0.00025 
K 0.67 22 0.0027 0.5 0.0005 
Viscosity 
parameter 
0   0.3 0.001 
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Fig.5.23. Mesh arrangement for UCM wall Panels 
 
Fig.5.24. Mesh arrangement for GCM and CCM wall Panels 
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The obtained load-displacement response is shown in Fig.5.25. The peak load obtained by 
CCM, GCM and UCM walls are 72 kN, 59.5 kN and 46.5 kN, respectively. At a diagonal 
displacement of 3.4 mm, the resisting diagonal loads of the walls are 71.7 kN, 50.2 kN and 
46.7 kN for CCM, GCM and UCM walls, respectively. The results show the effectiveness of 
the confining frames to the response of the unreinforced masonry; the following inferences 
have emerged from the results: 
1. Concrete confinement is more effective than the grout confinement in terms of 
increased load capacity 
2. The unconfined masonry has suffered larger lateral strains compared to the confined 
masonries; once again concrete confinement is more effective than the grout 
confinement. 
 These results have been validated through further experimental studies. These experimental 
works and the validation of results is reported in Chapter-6. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig.5.25. Diagonal load- diagonal displacement response 
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5.5. SUMMARY 
The adapted explicit finite element model specifically for wide spaced reinforced masonry 
shear walls has worked well for the analysis of the confined masonry panels subject to 
diagonal loading. In particular the following observations have been made from the results of 
the numerical studies reported in the chapter: 
1. The parameters of the URM, grout and reinforcement determined from experimental 
reported in chapter-4 have ideally suited in the prediction of the load-displacement 
response and the logarithmic strain distribution (to simulate the crack path) in the 
diagonally loaded URM panels. 
2. The calibrated FE model has predicted the effectiveness of different methods of 
confinement of the URM panels. It has been predicted that reinforced concrete 
element is made effective in terms of the load-displacement response of the confined 
masonry panels. 
The predictions of the FE model is further validated through experimental studies reported in 
chapter-6. 
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CHAPTER 6 
EXPERIMENTAL VALIDATION OF 
FINITE ELEMENT ANALYSIS RESULTS 
6.1. INTRODUCTION 
This chapter provides the details of experimental work carried out on unconfined and 
confined panels to validate the predictions of the FE analysis reported in the previous chapter. 
Both the i) Grout confined masonry (GCM) and ii) Concrete confined masonry (CCM) panels 
were constructed and tested. The method of installation of instrumentations testing and data 
are presented. 
The FE predictions of the GCM and CCM panels were compared with the experimental 
results. In particular the failure mode, load-displacement curves and strain in different 
locations of the panels are compared. 
 
6.2. EXPERIMENTAL INVESTIGATION. 
In Chapter-5, the response of UCM, GCM and CCM panels were predicted; those panels 
were constructed and tested to validate the prediction.  
6.2.1. Construction 
Six specimens, two each of UCM, GCM and CCM panels, were constructed. These two 
similar specimens are denoted as ‘A’ and ‘B’. The constructions of the panels were similar 
reported in Chapter-4. Some additional details of the grouting/ concreting and reinforcing are 
discussed. The construction and the curing of the GCM/CCM panels are shown in Fig.6.1-
Fig.6.3. 
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The grout was placed upon completion of each three course of masonry block layers and was 
compacted using a 15 mm diameter rod. Care was provided to avoid any accidental 
delamination of the strain gauges or mortar layers.  
 
The methods of construction of CCM panels are different from that of GCM panels. The 
URM was initially constructed vertically. The following day, it was laid flat on the formwork 
as shown in Fig.6.2.a. Formwork was arranged as require and  the concrete was poured after 
placement of 1N12 bar at centre as shown in Fig.6.2.b. 
 
 
 
 
 
 
 
 
 
Fig.6.1. GCM panel construction 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig.6.2. CCM panel construction 
 
 
(b) Constructed CCM panels 
 
 
(a) Form-work arrangement of CCM panels 
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Once the construction of all assemblages finished, sufficient water to moist the surfaces 
without runoff was sprayed on the surface of the panels; all specimens were then wrapped 
using plastic sheets. The curing of a typical panel is shown in Fig.6.3.  
 
 
 
 
 
 
 
 
 
These panels were transported to the test site and positioned onto the shoes as per details 
provide in Chpater-4. 
6.2.2. Testing 
The testing was carried out using actuators and loading frame reported in Chapter-4. Where 
the panels contained steel reinforcement additional data acquisition system was used to 
record the data from the strain gauges. A total of, 34 channels was used consisting of Strain 
gauges, LVDTs, Load cells and String pots. The detail locations are,  
 LVDTs 
o Three LVDTs per face at centre of the specimen (6 channels) 
o One LVDT per face to measure any out of plane bending (2 channels) 
o Two LVDTs positioned at loading shoe level to measure displacement(2 
channels) 
o Two inbuilt LVDTs with actuators to apply displacement rate (2 channels) 
 String Pots (SP) 
 
Fig.6.3. Curing of a typical panel  
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o Two string pots per face to measure diagonal shortening and extension (4 
channels). 
 Strain gauges (SG) 
o Eight strain gauges per face attached to embedded steel (16 channels). 
 Load cells 
o Two actuators’ load cells reading (2 channels) 
 
Data acquisition instruments used for GCM and CCM panels are shown in Fig.6.4 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig.6.4. Schematic diagram of instrumentation of GCM/CCM panels 
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All LVDTs and String Pots (SPs) function is reported under the experimental work reported 
in Chapter-4. Strain gauges and string pots were connected through input modules which 
were placed very near to specimen to prevent the loss of data.  To acquire the strain gauge 
data, 8-Channel Quarter bridge strain gauge modules, model no-NI 9236, was used.  The 
input data acquired by three NI-9236 modules were transferred to 32 channel analogue input 
module, model no-NI 9205, through the attached chassis (refer Fig.4.29). All panels were 
tested under displacement control and applied at a rate of 1mm/min. The obtained data from 
channels are compared with FE model prediction.  
6.3. VALIDATION OF FE MODEL PREDICTIONS. 
6.3.1. Load-displacement response 
The UCM panel load-displacement response along with FE prediction is reported in Fig.6.5. 
The FE model prediction reported in Chapter-5 is also plotted in the figure. The agreement 
between experimental and FE model is quite good. The sudden failure due to formation of 
crack at the middle of the panel causes kinetic energy in the FE system. Once the kinetic 
energy dissipated then model come back its position and seek the stiffness corresponding to 
its damage and stabilise. Therefore the post peak behaviour is viable. 
 
 
 
 
 
 
 
 
 
 
 
Fig.6.5. Diagonal load-displacement of UCM 
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Both the FE model and the experiment results show that these panels reached the peak 
diagonal load at a diagonal displacement of approximately 3.5 mm (FE-3.6mm, UCM-A- 
3.3mm & UCM-B- 3.6mm) as illustrated in illustrated in Fig.6.4.  
 
The load displacement curves of the two GCM and CCM panels are reported along with the 
corresponding FEM predictions in Fig.6.6 and Fig.6.7, respectively. The FEM shows good 
agreement with that of experimental curves. For the GCM panels the FEM predicted the peak 
load of 59 kN whilst the experimental average capacity was 61 kN. The peak load in the FEM 
was achieved at 4.6 mm whereas the experimental peak was achieved at 4.4 mm. Both the 
FEM and the experiment predicted ultimate failure at a diagonal displacement of 5.3 mm. 
 
 
 
 
 
 
 
 
 
 
 
For the CCM panels, the FEM predicted the peak load of 72 kN whilst experimental average 
peak load was 77 kN, which is a deviation of 7%, considered quite normal in concrete 
masonry research.   The peak load of FEM was achieved at a diagonal displacement of 3.7 
mm whereas the experimental displacement corresponding to peak load (average of A and B) 
was 3.5 mm. It can be concluded that the FE model was predicting the load capacity of the 
 
Fig.6.6. Diagonal load versus diagonal displacement of GCM panel 
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panel very well and the FE model could therefore be considered as an acceptable tool for 
studying the response of similar confined masonry walls subject to in-plane loads. 
 
 
 
 
 
 
 
 
 
 
6.3.2. Failure mode of the panels 
A) UCM Panels 
The failure of the two UCM panels is shown in Fig.6.8. Both UCM walls failed along its top 
course which is inherited with slipping type failure. Very high resolution video camera was 
setup during the test of all panels from which more closer crack analysis was performed. 
Camera time and MTS time was synchronised and closer examinations were carried out to 
identify the initiation of the cracks. For UCM-A and UCM-B panels the crack was initiated at 
nearly 70% of its peak capacity of the panel where the crack was initiated upon sliding of top 
most masonry course.  Once sliding initiated, it followed by opening of crack at the edge of 
the specimen which is shown in Fig.6.9.a. The initiated crack propagated towards the loading 
edge along the sliding mechanism in the top mortar joint of the panel eventually leading to a 
major crack in the mortar joint located near the loading shoe and the panel lost its strength 
upon opening of crack on its top masonry joint. As discussed in one of the diagonally tested 
unreinforced masonry specimens described in Chapter-4, the sliding crack was initiated and 
propagated at the capacity of diagonal tension splitting. So this sliding type of failure 
 
Fig.6.7. Diagonal load versus diagonal displacement 
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observed in the UCM panels was facilitated by the existence weakest material in that region 
as these UCM panels are facially bedded.  
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Logarithmic principal strains obtained from the FE model are presented in Fig.6.10. Since 
ABQUS/CAE cannot graphically display crack pattern, the logarithmic strain distribution is 
used as an indirect representation of the propagation of cracks. The strain in the elastic region 
 
 
 
 
 
 
 
Fig.6.8. UCM panel failures 
 
 
a) UCM-A 
 
 
b) UCM-B 
 
 
 
 
 
 
 
 
Fig.6.9. UCM-B panel failure progression 
 
(a) Crack initiated at 70% of ultimate capacity  
 
 
(b) Crack at ultimate load 
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of the panel which is at 1 mm of diagonal displacement and at the failure (4.16 mm of 
diagonal displacement) are shown Fig.6.10.a and Fig.6.10.b, respectively. 
At 1mm of diagonal displacement, logarithmic maximum and minimum principal strains 
were distributed generally over the diagonal length of the wall. The magnitude of maximum 
tensile in-plane strain (shown in red) and minimum compression in plane strain (shown in 
blue) was 940  and 1700 , respectively. The strain values monotonically increased with 
the increase in diagonal displacement. The tensile and compression strain at failure was 
37000  and 7400 , respectively. The higher magnitude of the tensile strain at failure 
indicates that the occurrence of wider cracks.  
 
 
 
 
 
 
 
 
 
 
 
 
It can be seen from the Fig.6.10.b, very high tensile and compressive strain exist at near top 
of the specimen (UCM). Fig.6.11 shows the failure of test specimen and FE model large 
strain region.  The FE model failure reported in second course whereas experimental panel 
failed at top course and crack propagated towards the free edge where no restraint exists. 
Weaker material/ poor workmanship at this location could have influenced the local failure. 
 
 
 
 
 
 
 
 
 
Fig.6.10. Principal logarithmic strains from FEM (UCM) 
 
a) At displacement of 1.0 mm. 
 
 
b) At displacement of 4.16 mm. 
 
Cracks 
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Once significant cracks formed within the panel the symmetry distribution of cracks were not 
exhibited by neither tested panels nor FE model.  
 
 
 
 
 
 
 
 
 
 
Principal stresses were obtained from same FE model at 1 mm and 4.16 mm of 
displacements. The maximum in-plane principal stress (tensile stress) of 0.5 MPa occurred in 
elements-16 & 27 which are equal to the input value of tensile strength parallel to bed joint; 
this stress was attained at a vertical displacement of 1.6 mm. With further loading the tensile 
stress reduced and was 0.06 MPa at failure. It shows that the tensile crack initiated near 
centre of the panel and further developed towards top loading shoe. The difference between 
the FE and experimental mode could have been caused due to either a weak of local joint or a 
strong diagonal zigzag joint. 
B) GCM Panels 
GCM panel failure is shown in Fig.6.12. Both panels (A&B) exhibited similar crack pattern 
which travel through of the panel. Crack initiated and propagated along mortar joint and cut 
through block near loading shoe upon further increase in vertical loading. The accumulated 
compression strain in reinforcement bar had suddenly changed to tension upon the widening 
of the cracks. The initial crack reported from the videos was at 75% of the peak load capacity 
 
 
 
 
 
 
 
 
Fig.6.11. Principal logarithmic strains from FEM (UCM) 
 
a) Failure of top course 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
b) Failure near top course 
 
Large strains 
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and initiated near the centre of the panel. The crack appeared on block were reported in 
Fig.6.13 which occurred near the loading shoe.  
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig.6.12. Failure of GCM panels 
 
(a) GCM-A 
 
(b)GCM-B 
 
 
 
 
 
 
 
 
 
 
Fig.6.13. Appeared cracks on blocks 
 
(a) GCM-A 
 
(b)GCM-B 
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Logarithmic principal strains obtained from the FE model are presented in Fig.6.14. The 
strain in the elastic region of the panel which is at 1 mm of diagonal displacement and at 
failure (5.1 mm of diagonal displacement) are shown in Fig.6.14.a and Fig.6.14.b, 
respectively. 
It can be seen that at 1mm of diagonal displacement, in the elastic region, logarithmic 
maximum and minimum principal strains were distributed along the diagonal length of the 
wall. The magnitude of maximum tensile in-plane strain (shown in red) and minimum 
compression in-plane strain (shown in blue) in the UCM panel were 1500  and 1200 , 
respectively. The strain values monotonically increased with the increase in diagonal 
displacement. The principal tensile and compression strain at failure was 42000  and
28700 , respectively. It is worth to note that very higher compressive strain was obtained 
near support shoes in the FE whereas major damages in blocks are reported near loading in 
the test results as shown in Fig.6.13. Either severe crack formed near loading shoe or near 
support shoe; not at both locations. Once these cracks formed in one of the location test was 
abruptly stopped. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig.6.14. Principal logarithmic strains from FEM (GCM) 
 
(a) At displacement of 1.0 mm. 
 
(b) At displacement of 5.1 mm. 
Cracking 
Higher compressive 
strain 
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Fig.6.15.b shows that the reinforced bar located in the grouted core exhibited more tensile 
stress at failure whilst masonry panel exhibited very low level of stresses. 
Principal tensile stresses obtained from same FE model at 1 mm and 5.1 mm of 
displacements are reported in Fig.6.15. The maximum in-plane principal stress (tensile stress 
in masonry) of 0.5 MPa occurred in elements-48 and 15 at a diagonal displacement of 0.8 
mm diagonal displacement which is equal to the input value of tensile strength parallel to bed 
joint. Both of these elements are located in close proximity to loading and support shoes. 
With further increase of loading, the tensile stress declined. The crack pattern predicted in the 
FE model is same as the experimental failure mode. It can be said that the FE model predicts 
the GCM wall well as confirmed by the ultimate load, reinforcement strains and masonry 
strains. It is also worth to note that nearby the support shoe where large cracks appeared in 
the URM caused higher tensile stress in the reinforcement.  
 
 
 
 
 
 
 
 
 
 
Fig.6.15. Principal stresses from FEM (GCM) 
(a) At diagonal displacement of 1.0 mm. 
 
(b) At diagonal displacement of 5.1 mm. 
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C) CCM Panels 
CCM walls crack pattern are shown in Fig.6.16. CCM-A exhibited diagonal splitting type 
failure and followed by small sliding towards loading show perhaps due to existence of 
weakest material in that region. Initially crack formed at the centre of the panel, which 
propagated towards the loading shoes. The cracks were visible in concrete frame and nearby 
blocks. The first crack initiated at 93% of its peak load capacity. 
CCM-B panel exhibited general diagonal splitting type failure at the middle of the panel. At 
near ultimate failure another crack initiated at corner of the concrete frame upon presence of 
severe crack along centre of the panel as shown in Fig.6.16.b.  The first crack initiated at 84% 
of its peak load capacity. These two walls prime crack patterns mainly along the diagonal 
which is common in the diagonal compression test. 
Logarithmic principal strains obtained from the FE model are presented in Fig.6.17. The 
strain in the elastic region of the panel which is at 1 mm of diagonal displacement and at the 
failure (3.85 mm of diagonal displacement) are shown in Fig.6.17.a and Fig.6.17.b, 
respectively. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig.6.16. Failure of CCM panels  
 
(a) CCM-A 
 
(b)CCM-B 
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It can be seen that at 1mm of diagonal displacement, in the elastic region, principal maximum 
and minimum stresses were distributed along the diagonal length of the wall. The magnitude 
of maximum tensile in-plane stress (shown in red) and minimum compression in-plane stress 
(shown in blue) in the URM panel was 0.4MPa and -8.3MPa, respectively. It can be seen in 
Fig.6.17.a, the reinforced bar located in the concrete core resist the largest tensile stress. The 
stress monotonically increased with the increase in diagonal displacement. However in the 
GCM the reinforcement located in the grout wasn’t active at a diagonal displacement of 
1mm. 
In Fig.6.17, the largest tensile strain observed in the reinforcement near support is further 
clarified through Fig.6.18. Both test specimens, CCM-A and CCM-B, show severe cracks 
near the bottom shoe which predicted by FE model. Due to the cracks, the confining frame 
stretched higher which caused higher tensile stress in the bottom reinforcement than the top. 
Therefore no symmetry exists neither in the FE model nor test specimens in its post peak 
behaviours.   
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig.6.17. Principal stresses from the FE analysis. 
 
(a) At diagonal displacement of 1.0 mm. 
 
(b) At failure of 3.85 mm. 
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The principal tensile strain and compression strain recorded at 1mm diagonal displacement 
was 4000  and 1150 , respectively. At failure these strains were 22200  and
20700 , respectively. These high strains indicated that the formation of major cracks.  
6.3.3. Steel Strain Responses 
The strain gauge readings in the embedded steel reinforcement predicted by the FE model are 
compared with the experimental data in this section. 
A) GCM Panels 
 Fig.6.19 shows the strain gauge response. The formation cracks affect the magnitude of the 
steel strain. Hence each strain gauge reading would differ even though they are located in the 
same steel bar. The experimental SG data along with FE prediction is presented in Fig.6.19. 
Generally the agreement is quite good. The strain in steel is quite low and steel located within 
grout is hardly stretched. 
 
 
 
 
 
 
 
 
 
 
 
Fig.6.18. Principal logarithmic strains at failure from the FE analysis 
FE model (CCM) 
Cracks 
Higher 
compressive 
strains 
 
CCM-B 
 
CCM-A 
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Fig.6.19. Diagonal load versus strain at reinforcement 
 
 
(a) Diagonal load versus strain at loaded edge 
 
(b) Diagonal load versus strain at free edge 
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The main purpose of the reinforcement was to take tensile load. Good agreement in the FE 
model and experimental data can be seen throughout the loading. Both strain gauges located 
near loaded edge and free edge exhibited good agreement. It can therefore be concluded that 
FE model with calibrated constitutive material parameters are well capable of predicting the 
behaviour of the embedded steel reinforcement in the grout, similar to the prediction of the 
response of the masonry. 
Fig.6.20 shows the FE model prediction along with the experimental data of strain at centre 
of the panel. The LVDTs were positioned with a gauge length of 300 mm at the centre of the 
panel. In Fig.6.20, compression strain considered as negative value. At 35 kN diagonal load, 
the identified major crack through higher steel strain is witnessed in LVDT_6 (horizontal) 
where large strain is exhibited. The FE results also exhibited similar response at 32 kN load. 
It can be said that, both compression and tensile strains of FE prediction show reasonable 
agreement with experimental response. 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig.6.20. Diagonal load versus strain at centre 
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B) CCM Panels 
 Fig.6.21 shows the FE and experimental determinations of the steel strains. The strain gauge 
responses are fairly linear as the strains were very small. The maximum strains were in 
between 80 μ and -100 μ. These strains are similar order of magnitude as of GCM panels and 
affected by cracking in adjacent masonry. Overall good agreement between FE and 
experimental data is observed. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig.6.21. Strain at embedded steel. 
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6.4. RESPONSES OF CONFINED MASONRY. 
The Fe model is shown to provide satisfactory results in section 6.2-6.3 of this chapter. 
Therefore it is prudent to use the results of the Fe output to examine the structural response of 
the confined masonry. This contains analysis of the FE results to determine the ductility and 
stiffness degradation parameters. 
 
 
 
 
 
 
 
 
 
Fig.6.22 shows all smooth curve of load-displacement obtained from its average test results. 
In-plane diagonal load peak capacity of the CCM panel was 31 % higher compared with 
GCM panels. And CCM panels stiffness (gradient of graph in the elastic region) was much 
higher than other two panels. GCM wall had exhibited 25% higher capacity than UCM panels 
whilst its stiffness was quite in-line with UCM panels as in the figure. Further analysis of the 
stiffness and degradation characteristic are reported in this chapter. 
 
 
 
 
 
Fig.6.22. Diagonal load versus diagonal displacement 
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6.4.1. Ductility 
The term ductility refers to the ability of structure to undergo large deformations in the 
inelastic region without any substantial reduction in the strength.  The concept of ductility 
becomes vital for seismic design. Ductility is defined as the ratio of the ultimate displacement 
to the yield displacement as in Eq.6.1.  
y




  6.1 
Where   is ductility,  - displacement and y  is displacement at yielding. This ductility can 
be calculated at different load level to understand the behaviour of the elements.  
In this thesis, parameters for ductility are calculated using  the method proposed by 
Park(1989). This method is shown in Fig.6.23. uF  indicates the ultimate load capacity, yF  
indicates the load at which yielding occur and 
y  is displacement at which yielding occur. 
The line OA was drawn such that it equally subdivides the shaded area. Line AB was drawn 
through peak load which parallel to the displacement axis. The projected displacement of the 
point at which (point-A) line OA intercept line AB defined as yield point which defines yield 
displacement (
y ) and yielding load ( yF ). Point-Y indicates the ultimate displacement. 
 
 
 
 
 
 
 
 
 
 
Fig.6.23. Schematic diagram to identify the yield point 
 
0.25×Fpeak 
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The yield load (
yF ) was determined for a quasi-brittle material at either first yield (point-X) 
or at 0.75 times the ultimate load, whichever is lesser. 
 
The ultimate displacement ( ult ) was determined as, lessor of 
1. The post-peak displacement at which the panel lose its 20% of the ultimate capacity. 
2. The displacement at which panel lose its stability. 
Diagonal load at different stages and ductility are reported in Table.6.1. 
 
Ductility of all panels was less than 1.5; small variation between panels is not significant. 
However it can be seen that masonry confined with either grout or concrete exhibiting 15% 
or higher ductility. 
 
 
 
 
 
 
 
 
 
 
 
Table.6.1. Ductile properties of the panels 
Stages Details 
UCM GCM CCM 
Yield load  
Diagonal load 
(kN) 
45.5 59 78 
Peak load  
Diagonal load 
(kN) 
47.1 60.5 79.4 
Ductility 1.09 1.09 1.06 
Ultimate 
displacement  
Diagonal load 
(kN) 
41 48.7 63.4 
Ductility 1.18 1.36 1.41 
 
Chapter  6 Page 131 
 
Since Table.6.1 considered the value of yield, peak and ultimate, the rate of decline was not 
captured.  The softening parts of the four types of specimens are reported in Fig.6.24. This 
figure exhibits post yielding behaviour of unconfined and confined panels.  
 Y-axis contain non dimensional load which was obtained by dividing the load of the panel, 
corresponding to the particular ductility, by its yielding load. The rate of softening for the 
CCM wall was quite lower than the other specimens reported in the figure.  
UCM exhibited very high rate of degradation and followed by GCM and CCM panels. Again 
CCM proves effective confinement compared to GCM panels. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig.6.24. Load degradation rate versus ductility 
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6.4.2.  Degradation characteristics 
To assess the level of damage and the behaviour of the URM located different position within 
the specimen, the following parameters were calculated. 
1. Stiffness degradation of the panel. 
2. Centre  panel deformation characteristics 
3. Reinforced bar deformation characteristics. 
 
A)  Stiffness degradation characteristic 
Stiffness degradation  S is defined as the reduction of the stiffness of the structural element 
in post yielding region due to formation of onset of cracking. It can be expressed as in terms 
of the secant modulus at certain displacement  K and its secant modulus at yielding  yK  as 
shown in Eq.6.2. 
100%
i y
y
K K
S
K
 
   
 
  6.2 
 
 
 
 
 
 
 
 
 
 
 
Fig.6.25. Stiffness degradation model 
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In Fig.6.25, the gradient of line OA which connects the origin and the point of yielding of the 
load displacement curve represent the secant modulus at yielding, 
yK . Similarly, the gradient 
of line OB which connects the origin and the point of peak load represent the secant modulus 
at peak load  pK  and   the gradient of line OC represents the secant modulus at ultimate 
load  uK .  
Initially, Usami et al.(1991) used this type of evaluation to identify degradation properties for 
concrete columns. This is very simplified model to understand the degradation properties of 
the masonry elements.  
Table.6.2 shows the details of the stiffness degradation parameters. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Table.6.2. Stiffness degradation of the panels 
Parameters UCM GCM CCM 
Ky (kN/mm) 15.7 15.77 25.32 
Kp (kN/mm) 14.81 14.82 24.06 
Ku (kN/mm) 11.43 9.6 14.57 
Sp(%) -5.7 -6.0 -5.0 
Su(%) -27.2 -39.1 -42.5 
 
Sp- Stiffness degradation at peak load. 
Su- Stiffness degradation at ultimate load 
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The unit of stiffness parameters was 
1kNmm . The stiffness of UCM and GCM panels at 
yielding was 15 
1kNmm  whilst CCM panels’ stiffness at yielding was 25 1kNmm  which 
were 65% higher. At the peak load, again the CCM stiffness was about 65% higher than that 
of the UCM and GCM panels. However at ultimate load, the CCM stiffness difference was 
reduced to 35%. These final figures would give an understanding how each panels responded 
to the load in the post yielding.  
6.4.3. URM deformation characteristic of confined panels 
The strain response at the centre of the CCM and GCM panels behaviour was studies. The 
average curves obtained from those similar confined panel’s principal strain responses versus 
load is shown in panels are reported in Fig.6.26. Y-axis shows diagonal load and X-axis 
shows logarithmic principal strains at centre of the panel.  
From the above figures GCM panels exhibited large deformations at 36 kN of diagonal load 
and CCM panels exhibited at 63 kN of diagonal load. These large deformations in the panel 
were due to the formation of micro cracks and its propagation. At the failure, a principal 
maximum strain of 14700  was experienced by GCM panels whereas CCM panels 
exhibited only 7500  which is 50% of GCM panels peak strain. Once again it is confirmed 
that CCM panels effectively confined its panel. 
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(a)- Maximum principal strain (tension)  
 
(b)- Minimum principal strain (compression) 
Fig.6.26. Diagonal load versus panel’s principal logarithmic strain 
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6.5. EVALUATIONS OF IN-PLANE SHEAR CAPACITY.  
In this section a comparison between the diagonal resistances obtained from the experiments 
test and the lateral strength predicted from different analytical equations are reported. All 
material and geometric properties to calculate its in-plane shear capacity are reported in 
Chapter-4 and Chapter-5. 
The vertical load P obtained from experiment was converted into horizontal in-plane shear 
direction, according to ASTM E519-02 (2002), as shown in Fig.6.27.   
 
 
 
 
 
 
 
 
 
 
 
The details of in-plane shear capacity equations are reported in Chapter-2. The mean 
strengths derived from the material testing, reported in Chapter-3, were used instead of 
characteristic strength to ensure appropriate comparison between calculated and experimental 
strengths. Only the effective horizontal reinforcement was considered since reinforcement 
located in the base and bond beam were not effective for in-plane shear action. All equation 
calluses and conditions were carefully checked. For  CSA:S304.1-04 (2004),   low aspect 
ratio equation was considered as all specimens’ aspect ratio less than one. Similarly, in 
MSJC(2008) the limitation of Vn ≤6An√fm for aspect ratio less than 0.25 walls were ensured.   
 
 
Fig.6.27. Conversion of diagonal test results to in-plane shear 
(a) Diagonal tension test (b) In-plane shear 
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In NZS:4230(2004), basic shear provided by masonry under general condition was 
considered and the applied compression load was ensured less than 0.1fmAg. All the standard 
equations’ prediction of in-plane horizontal shear capacity is reported in Table.6.3. The FE 
results reported in the table is from the simulation of the experimental walls that was loaded 
in the horizontal direction at top while the base was restricted as shown in Fig.6.27.b.   
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Table.6.3. In-plane shear capacity of the tested panels 
Equations Details 
Panel details Average 
 
UCM GCM CCM /n FEV V  
FE Model  (VFE)  11.8 20.9 22.6 - 
ASTM Vn (kN) 33.2 42.8 56.1 - 
/n FEV V  2.81 2.05 2.48 2.46 
AS3700 
(2011) 
Vn (kN) 21 34 34 - 
/n FEV V  1.78 1.63 1.50 1.67 
CSA 
(2004) 
Vn (kN) 8.8 14.4 14.4 - 
/n FEV V  0.75 0.69 0.64 0.71 
MSJC (2008) 
Vn (kN) 11.7 19.3 19.3 - 
/n FEV V  1 0.92 0.85 0.94 
NZS4230 
(2004) 
Vn (kN) 12 20.78 20.78 - 
/n FEV V  1.02 0.99 0.92 0.98 
00 Matsumura(1988) 
Vn (kN) - 13.5 13.5 - 
/n FEV V  - 0.65 0.6 0.63 
Shing et al.(1990) 
Vn (kN) 10.4 17.2 17.2 - 
/n FEV V  0.88 0.82 0.76 0.83 
Vn- In-plane shear capacity predicted by equations 
VFE- In-plane shear capacity predicted by FE model  
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In–plane shear capacity ratio between existing equation prediction and FE model was 
averaged for all four specimens and reported in Table.6.3. From the prediction it can be found 
that ASTM method of prediction overestimate the real capacity of the panel about 150%. The 
horizontal derivation of diagonal load may not implicitly exhibit the actual in-plane shear 
capacity of the panel.  
The prime objective of the thesis was to evaluate the equation proposed by AS3700 which 
shows the overestimation over 60% from its FE model. 
MSJC (2008) is a prominent equation to find in-plane shear capacity of the wall, which was 
less criticised by several authors, had predicted the capacity of these experimental panels 
quite well with a ratio of 0.94. And also it predicted the in-plane shear capacity of the UCM 
panels very well compared to the partially grouted specimens.  
NZS:4230 predicted in-plane shear capacity of the walls quite successfully.  NZS 
successfully predicted UCM and GCM panels. Whereas the NZS has no provision for CCM 
walls due to which the underestimation of 8% was reported.  
CSA:S304.1-04 (2004), Matsumura(1988) and  Shing et al.(1990) underestimated the in-
plane shear capacity of the panels by 28%, 37% and 17%, respectively. The origin of 
CSA(2004) and Matsumura(1988) equations were based on the experimental tests carried out 
on partially grouted and fully grouted masonry wall panels and introduced a constant factor to 
the equation to account partially grout. However, Shing et al.(1990)had proposed from fully 
grouted masonry wall there were no factors had been introduced to account the effect of 
partial grout. The details of these equations are discussed in Chapter-2. Details of the 
calculations can be found from Appendix-E. 
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6.6 SUMMARY 
The FE model predictions are validated as reported in this chapter. In particular the following 
observations are important to further adoption of the FE model to develop design equations in 
chapter-7. 
1. The FE predictions of the load-displacement responses of the unconfined and 
confined masonry panels subject to diagonal compression in the pre-peak, peak and 
post-peak levels compare quite well with the experimental data. It could be observed 
that the confining elements provide significant increase in the peak load. The post 
peak behaviour is better enhanced with the presence of confining elements. The pre-
peak responses of the grout confined and URM panels are similar whilst that of the 
concrete confined masonry is quite stiffer.  
2. The maximum principal strains reduced with the presence of confining elements 
compared to the unconfined masonry; the concrete confinement was more effective 
than the grout confinement in terms of reduced maximum principal strains. 
3. The peak loads of the unconfined and confined masonry panels compare well with the 
prediction of the MSJC, CSA and NZS equations whilst the predictions of the 
AS3700 is highly non-conservative. 
 
From these observations, it could be stated that the FE model is a reliable tool for 
predicting the in-plane shear response of various confined masonry walls of practical 
significance. The analyses and the results of such walls are reported in Chpater-7. 
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CHAPTER 7 
DEVELOPMENT OF DESIGN 
EQUATIONS FOR CONFINED MASONRY 
SHEAR WALLS 
7.1. INTRODUCTION 
Shear walls containing confined masonry panels (also known as wide-spaced reinforced 
masonry or partially-grouted masonry) are economical building systems that are popularly 
adopted in countries where seismic activity is modest. Due to a lack of fundamental research 
in this form of shear wall, the design provisions in various national standards have been 
widely criticised as being non-conservative (Dhanasekar 2001; Dhanasekar and Haider 2008; 
Dickie and Lissel 2009; Haider 2007; Minaie et al. 2010; Mosele et al. 2009; Nolph and 
ElGawady 2011; Shrive et al. 2009). With the validated finite element model developed in 
this thesis, an attempt is made to understand the response of this form of structural system 
and develop design equations. This chapter contains the outcome of the analyses and the 
process of developing the design equations. 
The effectiveness of the confinement provided by concrete and the grout to the masonry 
panels of shear walls is examined in detail.  The effect of horizontal reinforcement and panel 
aspect ratio to the wall in-plane shear behaviour (capacity and ductility) is examined.  
Some key terms used in this chapter are illustrated in Fig.7.1. The term ‘panel’ is defined in 
this thesis as illustrated in Fig.7.1. where a) is unconfined unreinforced masonry (UCM), b) is 
a confining frame which is made from either a reinforced concrete frame or reinforced 
grouted cores and c) is a confined panel contain URM panel and a confining frame. 
Depending on the type of confining frames, the panels are classified as either Grout Confined 
Masonry (GCM) panels or Concrete Confined Masonry (CCM) panels. 
The aspect ratio ( )p  of the confined panel is defined in Eq.7.1. The wall aspect ratio is 
defined in Eq.7.2. 
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Fig.7.1. Components of confined masonry panels 
 
 
Fig.7.2. A typical confined masonry wall 
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Fig.7.2 shows a schematic sketch of a four-storey shear wall containing unreinforced 
masonry panels and confining elements. Along the X direction there are several bays (limited 
to 13 for the purpose of analysis provided in this chapter) and along the vertical Y direction 
there are number of stories (limited to 4). It is also worth to mentioned that these storey 
numbers are not representing number of stories in the building; it is merely representing 
number of storeys of panels within a masonry shear wall located in between two adjacent 
building floors.  
A typical panel within the wall is denoted as 
ijP  where ‘ i ’ stands for the storey level and ‘ j ’ 
stands for the bay number. Using the validated FE model (Chapter-5&6), several walls of 
varied aspect ratios ( )w  were analysed. A typical wall is denoted by ijW , in which 
1,2,3 4i or  and 1,3,5,7,9,11 13j or . 
The configurations of the walls that were examined in this chapter are reported in Table.7.1. 
A total of 240 analyses were performed. A total CPU computational time of 61162 hours 
CPU hours was recorded in the high performance computer (HPC) facility comprising of 16 
CPUs per node. 
 
The 240 analyses exhibited the sensitivity of the following parameters.  
1. Panel aspect ratio. 
2. Wall aspect ratio. 
3. Vertical compressive pressure ratio. 
4. Horizontal steel reinforcement ratio. 
5. Boundary condition at the top of walls.
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Table.7.1. Parameters Examined in the Sensitivity  
Wall size (Wi,j) 
 Tested parameters 
Total 
analys
es 
Storeys 
(i) 
Bays 
(j) 
 
Confined panel aspect 
ratio ( )p  
Pre-compression level p ( / )mP f  
Boundary at top 
(Vertical movement) 
 
Horizontal reinforcement 
h (%) 
Compressive strength of masonry 
mf (MPa) 
0.55 0.65 0.7 0.80 1.00 0 0.025 0.05 0.075 0.1 0.2 0.3 0.4 0.5 0.6 0.8 Restrained Unrestrained 0.00 0.03 0.06 0.09 0.12 0.16 0.32 0.48 6 12 15 18 
1 
1                               56 
3                               70 
5                               16 
7                               16 
9                               16 
11                               16 
13                               16 
 
2 
3                               2 
5                               2 
7                               2 
9                               2 
11                               2 
13                               2 
 
3 
3                               2 
5                               2 
7                               2 
9                               2 
11                               2 
13                               2 
 
4 
5                               2 
7                               2 
9                               2 
11                               2 
13                               2 
 Total 240 
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Table.7.2. Wall aspect ratio ( w ) considered in the 
analyses 
Storeys 
(i) 
Bays 
(j) 
 
Confined panel aspect ratio 
( )p  
0.55 0.65 0.7 0.8 1.00 
1 
1 0.55 0.65 0.7 0.8 1.00 
3 0.20 0.24 0.26 0.29 0.36 
5 0.12 0.15 0.16 0.18 0.22 
7 0.09 0.11 0.12 0.12 0.16 
9 0.07 0.08 0.09 0.10 0.12 
11 0.06 0.07 0.07 0.08 0.10 
13 0.05 0.06 0.06 0.07 0.09 
  
2 
3     0.68 
5     0.41 
7     0.30 
9     0.23 
11     0.19 
13     0.16 
  
3 
3     1.00 
5     0.61 
7     0.44 
9     0.34 
11     0.28 
13     0.24 
   
4 
5     0.80 
7     0.58 
9     0.45 
11     0.37 
13     0.31 
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7.2. ANALYSIS OF THE RESULTS OF THE 
PARAMETRIC STUDIES 
The 240 analyses of the confined masonry shear walls produced a vast number of results (39 
GB). To prevent the results succinctly and to develop useful design information, these results 
are presented in the following format.  
1. The principal logarithmic strain contours of the walls of varying aspect ratio ( w ) or 
the number of bays for each storey height are graphically presented in separate 
sections. These plots reveal the failure mode of the shear walls, especially the 
dominance of the panel actions (failure of the panels without a continuous failure 
plane cutting through the confining frames, or the occurrence of the whole-of-the-wall 
failure (or simply, the ‘wall action’). 
2. For the convenience of comparing the failure loads, the ultimate loads were non-
dimensional. The non-dimensional shear strength parameter )(  is defined as Eq.7.1. 
100
n m
V
A f
  

 7.1 
In which, 
nA -Net area 
V-Peak in-plane shear load 
mf - Mean compressive strength of hollow masonry perpendicular to bed joint. 
3. The term confinement efficiency ( )  is used to describe measure of the increase in 
shear strength due to the presence of additional panels in relation to a single confined 
panel. The confining efficiency of a wall is defined in Eq.7.2 where  defines the 
amount of extra strength by which a wall can be enhanced by pooling the confined 
masonry panels together to form an effective means of confinement. 1, j  refers to the 
non-dimensional strength parameter of the single-storey high wall containing a j 
number of confined panels. The confinement efficiency of single storey high walls 
can be calculated using Eq.7.2. 
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1, 1,1
1,1
100
j

 


 
  
 
 7.2  
In which  
1, j -Shear strength parameter of a wall containing i  no of storeys and j  no of bays. 
11 -Shear strength parameter of a single storey single bay wall.  
4. The non-dimensional shear strength parameter ( ) and the confinement efficiency (
) were plotted against the wall aspect ratio (or number of panels) as a family of curves 
representing the panel aspect ratio (
p ). These plots revealed the dominant panel 
aspect ratio as well as the critical wall aspect ratio beyond which the confinement is 
effective. 
5. The effect of pre-compression on the shear strength parameter is presented 
graphically; both GCM and CCM walls are presented.  
6. The effect of the vertical constraint of the top surface on both the GCM and CCM 
walls is presented to draw useful conclusions. 
7. The effect of the horizontal reinforcement (in a confining frame) on  and   are then 
presented. 
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7.3. SINGLE STOREY WALLS 
A total of 206 single storey walls were analysed as shown in Table.7.1. A five bay wall is 
shown in Fig.7.3 as an example. 
 
 
 
 
 
 
 
The single storey walls were subjected to a lateral horizontal displacement at a rate of 
1mm/min at top of the wall as shown in Fig.7.3. The horizontal degree of freedom of all walls 
at the top was constrained and all the nodes at the top were subjected to the same rate of 
displacement. For GCM walls containing panels of 1p  , principal logarithmic strain at a 
horizontal displacement of 1.5 mm is reported in Fig.7.4. It can be seen that all the walls 
exhibited ‘panel action’ where the maximum principal tensile strain was higher in the 
diagonal direction of each panels.  The confining frame exhibited very low strain. Similar 
panel action was experienced in CCM walls. Fig.7.4 is arranged so that progressively, from 
top to bottom, the central panel is ‘confined’ by more panels on both sides. Thus, the choice 
of walls containing an odd number of panels is apparent.  
Under distributed lateral displacement at the top, all the panels appeared to have failed 
simultaneously. The failure load of the walls would be an interest to note whether or not 
additional capacity was developed due to the presence of more panels. It should be noted that 
the national standards specify the shear capacity of walls to their length. 
 
 
 
 
Fig.7.3. Five bays single storey wall 
 
 
 
 
 
 
 
 
 
 
 
Chapter 7 Page 148 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig.7.4. Principal strain at 1.5 mm horizontal displacement 
 
 
a) 1 bay wall 
 
 
b) 3 bay wall 
 
 
c) 5 bay wall 
 
 
d) 7 bay wall 
 
 
e) 9 bay wall 
 
 
f) 11 bay wall 
 
 
g) 13 bay wall 
 
 
 
Grouted cores 
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7.3.1. Panel response  
Table.7.3 contains the detail of in-plane shear strength parameter and the confinement 
efficiency of the Grouted Confinement Masonry (GCM) and Concrete Confined Masonry 
(CCM) walls. 
  
 
 
 
 
 
 
The  factor indicates that the shear strength of the GCM walls is approximately 7.7%-9.4% 
of the compressive strength depending on the number of bays. The  factor also illustrates 
that the panel shear strength dominates the wall strength when there are less than 3 bays; but 
the wall strength significantly increases when there are more than 3 bays. The increase in 
strength far higher than one would anticipate from the longer walls. For example the 5-bay 
wall containing 5 panels is not five times stronger than the single panel wall. Indeed there is 
no difference in between the 3-panel wall and the single panel wall, due to the simultaneous 
failure of the panels. However, in the 5bay wall the panels’ simultaneous failure is delayed by 
confinement. The level of confinement on the panel depends on where the panel is located. 
The two edge panels are the ones which less confined and suffer initial failure. From Fig.7.4, 
it is visible that two edge panels exhibited very high tensile strain in its middle whilst the 
panel located in the centre exhibited relatively low strain in the middle which is due to 
presence of additional confinement. The failure of edge panels dramatically reduces the 
confinement and the shear area of the inner active panels, eventually walls reduced its in-
plane shear capacity followed by failure. Until longer, 9 bay walls were used, this 
phenomenon contributed to an increase the  factor; but a further increase in the number of 
bays didn’t increase the  factor. This increase in strength was measured using the parameter
 . This behaviour was affected by the aspect ratio of the panels. This is presented in Fig.7.5 
Table.7.3. In-plane shear capacity of single storey walls with 
p =1.0. 
Details 
Method of 
confinement 
Number of bays (j) 
1 3 5 7 9 11 13 
Non-dimensional 
strength parameter 
K (%) 
Grout 7.70 7.70 8.62 9.15 9.37 9.38 9.45 
Concrete 8.32 8.33 8.93 9.24 9.25 9.44 9.4 
Confinement 
efficiency -   (%) 
Grout 0 0 11.9 18.8 21.7 21.8 22.6 
Concrete 0 0 7.2 10.9 11.1 12.6 12.8 
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to Fig.7.9. The CCM walls exhibited shear strength of 8.3%-9.4% of compressive strength. 
The confinement of walls containing GCM panels of aspect ratio 1 exhibited a higher 
confinement efficiency of 22.6%; further increase in length of the wall did not increase its 
panel efficiency. CCM walls achieved the highest confinement efficiency of 12.8%. 
 
 
 
 
 
 
 
 
 
It should be observed that the walls containing panels of 
p =0.55 suffered reduction in shear 
strength in the increase in number of bays. The lack of confinement for these rectangular 
panels was witnessed as shown in Fig.7.6. 
 
 
 
 
 
 
 
 
 
Fig.7.5. Panel efficiency of GCM panels  
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Fig.7.6. Lack of confinement in the stocky walls (Deformation scale of 10) 
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Fig.7.5 is reproduced by modifying the ‘Number of bays’ with wall aspect ratio in Fig.7.7. 
All curves converted up to w  of 0.36. No confinement efficiency was reported for the value 
of w in between 0.36 to 1. 
The data for CCM walls are presented in Fig.7.8 and Fig.7.9. 
 
 
 
 
 
 
 
 
 
 
 
 
Fig.7.8. Panel efficiency of CCM panels 
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Fig.7.7. Panel efficiency versus wall aspect ratio of GCM panels 
 
 
 
 
 
 
 
 
 
 
 
-10
-5
0
5
10
15
20
25
0.05 0.1 0.15 0.2 0.25 0.3 0.35 0.4
C
o
n
fi
n
em
en
t 
ef
fi
ci
en
cy
 p
er
 p
an
el
 
(%
) 
Wall aspect ratio (λw) 
GCM_λp-1.00 
GCM_λp-0.75 
GCM_λp-0.70 
GCM_λp-0.65 
GCM_λp-0.55 
Trend_GCM_λp-1.00 
Trend_GCM_λp-0.75 
Trend_GCM_λp-0.7 
Trend_GCM_λp-0.65 
Trend_GCM_λp-0.55 
λp-1 
 
 
λp-0.75 
 
 
λp-0.65 
 
 
λp-0.55 
 
 
λp-0.70 
 
 
Chapter 7 Page 152 
 
 
 
 
 
 
 
 
 
 
 
 
The Fig.7.8 in reproduced in Fig.7.9 by changing the ‘Number of bays’ as wall aspect ratio. 
Similar to GCM walls, the confinement efficiency disappeared beyond wall aspect ratio of 
0.36.  
7.2.2. Effect of panel aspect ratio 
Fig.7.10 underlines the effect of aspect ratio on partially grouted/ concrete confined shear 
walls.  Both the GCM and CCM walls as well as the panel aspect ratio
p  are shown.  The 
shear strength parameter ‘ ’ and the panel aspect ratio are shown in the y-axis and the x-
axis, respectively. 
The GCM wall 
1,3W (single storey, three bay) exhibited a very high sensitivity compared to 
the others. For all walls the shear strength decreased with the panel aspect ratio. Panel aspect 
ratio larger than 0.8 is less sensitivity to  compared to those panels those p  0.8. Similar 
information (effect of 
p  on  ) for CCM walls is shown in Fig.7.11. 
 
 
 
Fig.7.9. Panel efficiency versus wall aspect ratio of CCM panels 
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Fig.7.10. In-plane capacity per panel versus panel aspect ratio- GCM walls 
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Fig.7.11. In-plane capacity per panel versus panel aspect ratio- CCM walls 
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The panel aspect ratio has a profound effect on the in-plane shear strength of walls. The 
higher λp walls exhibited low shear strength and higher λp walls exhibited higher shear 
strength. The CCM walls exhibited higher sensitivity than the GCM walls; there is reduction 
in   beyond p =0.8 for CCM walls unlike the GCM walls in Fig.7.10. 
It is clear that 
p  and w  affect the ; therefore a 3D graph of these three parameters is 
shown in Fig.7.12 and Fig.7.13, respectively. For completeness, the same data are plotted in 
terms of number of bays, 
p  &  in Fig.7.14 and Fig.7.15, respectively 
It can be seen that the response of K to no. of bays (wall aspect ratio) is lesser than that of the 
panel aspect ratio. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig.7.12. Response of shear strength parameter with aspect ratio (GCM) 
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Fig.7.14. Response of shear strength parameter with no. of bays (GCM) 
 
 
 
 
 
Fig.7.13. Response of shear strength parameter with aspect ratio (CCM) 
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The plot shows that, 
1. The smallest is 
p  and the largest is . 
2. The largest is 
p  and , the smallest is  . 
3. Long (or squat) walls provide larger . 
4. Long (or squat) panels provide higher  . 
 
7.2.3. The effect of pre-compression (p) 
It is well known that the pre-compression increases the in-plane shear capacity of URM; the 
higher the pre-compression within the working stress range, then the higher shear strength of 
masonry in accordance with the Mohr-Coulomb theory. Any further increase in the level of 
pre-compression can reduce the shear strength as qualitatively shown in Fig.7.16. This 
figures is reminiscent of Mann and Muller (1982) and further supported by Haach et al. 
(2011) and Shing et al. (1990). 
 
Fig.7.15. Response of shear strength parameter with no. of bays (CCM) 
 
(λp) 
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For the design of reinforced (or confined as described in this thesis) masonry walls, all 
masonry standards except the AS3700 (2011) account the effect of pre-compression. NZS-
4230 (2004) has specified an upper limit of 0.1
mgA f  for the level of pre-compression. 
 
 
 
 
 
 
 
 
 
 
Most of the equations evolved from small wall tests carried out in the laboratory with 
differing parameters perhaps capable of predicting the in-plane shear peak capacity of small 
walls. However, for large walls of practical significance, there exists very few design 
equations and those in the national standards are criticised as non-conservative by many 
researchers.    
The pre-compression ratio (p) is defined as shown in Eq.7.5. 
1000
n m
P
p
A f


 7.5 
Where, P is pre-compression load in kN.  Other symbols are defined previously. 
The effect of p on   and  (ductility) is shown in Fig.7.17 and Fig.7.18 respectively; both 
GCM and CCM wall data are shown in the figure. 
The shear strength parameter exhibited a very high response from 3 to over 5, up to level of a 
pre-compression ratio of 0.1. Until the pre-compression ratio reached 0.4, positive 
 
Fig.7.16. Shear stress versus pre-compression 
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contribution to shear strength was exhibited in both GCM and CCM walls. Further loading 
reduced its contribution to shear strength since the wall toe exhibited very high compressive 
strain, indicating failure. In addition to shear strength analysis, the ductility parameter was 
studied.  
The post peak behaviour of the shear strength parameter of the GCM and CCM walls 
differed; whilst the GCM responded similarly to the URM norms (Fig.7.16), the CCM was 
asymptotic to ‘p’ beyond approximately 0.6. This result is consistent with the expected 
results of reinforced concrete behaviour and reinforced grout members. Whilst the 
reinforcement under compression is effective in concrete, it is ineffective in grout. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig.7.17. Shear strength parameter versus level of pre-compression ratio 
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Further details of Fig.7.17 and Fig.7.18 can be found in Fig.E.1 and Fig.E.2. 
The pre-compression ratio of 0 to 0.05 helps to increase the ductility. Any further increases in 
compression reduced the ductility. Both the GCM and CCM walls responded similarly. The 
maximum ductility obtained was 5.0, which is generally sufficient for moderately seismic 
countries. The prediction of MSJC (2008) and Matsumura (1988) are included in the figure 
where 25% and 17.5% of the pre-compression is accounted to in-plane shear capacity 
expression. Until the shear expression line intercepting the GCM and CCM curves considered 
to be a conservative region. Therefore an upper limit should be enforced in the code 
equations. 
7.2.4 The effect of vertical constraint of top surface of walls. 
 The ‘vertically restrained’ boundary condition and ‘vertically unrestrained’ conditions are 
examined and are reported in this section.  
Fig.7.19 shows the logarithmic strain of a GCM W1,5 walls as an example to illustrate the 
effect of a restrained top of the wall for cantilever and fixed boundary conditions.  The figure 
 
Fig.7.18. Ductility versus pre-compression  
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is shown in deformed mode (magnified by 30). These figures represent the principal 
logarithmic strain contours at the peak load of the wall. 
 
 
 
 
 
 
 
 
 
 
 
 
At the horizontal displacement of 1mm the top restrained walls exhibited principal tensile 
strain of 1850  in the first and the last panels, whereas that of the top unrestrained wall 
exhibited 3000  in the first panel. This tensile strain increased with further loading and the 
final failure tensile strain is shown in Fig.7.19. At failure point the top unrestrained wall 
exhibited the principal tensile strain of 8100  in the first panel whereas the top restrained 
condition wall exhibited the principal tensile strain of 5700  in the first and the last panels. 
The panel aspect ratio ( )
p
  of 1 and 0.8 walls were considered for the studies. The response 
received from 
p = 1.0 wall is shown in Fig.7.20. The ratio of the shear strength parameter of 
unrestrained and restrained walls is also shown in the figure.  
 
 
 
 
(a) 5 panel wall with vertically  unrestrained boundary top 
 
(b) 5 panel wall with vertically  restrained boundary top 
Fig.7.19. Logarithmic principal strains of walls with restrained and unrestrained top (deformation 
scale factor ×30) 
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The ratio of peak load capacity of unrestrained and restrained walls for the GCM is 
approximately 0.52 whereas that of CCM is 0.83.  This shows that CCM walls are less 
sensitive to the boundary condition compared to the GCM walls. In other words, vertically 
restraining the top surface of the GCM walls would be beneficial as the in-plane shear 
capacity could be doubled approximately.  Finally, the capacity reduction factor of 0.5 and 
0.8 was considered for GCM and CCM walls, respectively. Fig.7.20 is reproduced by 
replacing ‘Number of bays’ with ‘Wall aspect ratio’ in Fig.7.21. 
 
 
 
 
 
 
 
 
 
Fig.7.20. Restrained versus unrestrained boundary condition 
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Fig.7.21. Restrained versus unrestrained boundary condition 
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A similar type of behaviour was noticed on the walls of other lengths. Restraining the top of 
the wall facilitated the wall to distribute its load throughout its entire length.  This top 
restrained condition led to stress concentration caused by localisation in the first panel. 
The effect of restrained and unrestrained tops of the shear walls on confinement efficiency 
was examined and is shown in Fig.7.22. In this figure the restrained boundary condition walls 
are indicated by ‘Rs’ (for restrained) and unrestrained boundary condition walls are indicated 
by ‘Rl’ (for released). Each graph line denotes the type of confinement, boundary condition 
and panel aspect ratio.  The confinement efficiency of the restricted boundary condition GCM 
wall was 22%, whereas that of the unrestrained wall was only 9% which is a decrease of 59% 
in efficiency. The CCM walls also exhibited a 55% decrease in confinement efficiency when 
the top was released from the restriction. To effectively enhance the confinement, top surface 
restraining direction is beneficial; resting floor slabs on top of walls can achieve this desirable 
boundary condition. Many factors determine the level of fixity at top such as, amount of load 
arises from above floors, rigidity of slab, and slab wall connections. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig.7.22. Confinement efficiency versus boundary conditions 
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7.2.5. Prediction of existing analytical models  
The in-plane shear expressions reported in Chapter-2 were considered for the study. Since 
only the squat walls were considered in this study the lesser of either total horizontal or 
vertical reinforcement was considered in accordance with AS3700 expression. For 
CSA:S304.1-04(2004), the squat walll formula was considered along with the allowed 
maximum limitation. The NZS:4230(2004) permits user to design the structure within the 
plastic hinge region. The basic shear stregth provided by the masonry in potential plastic 
hinges of limited ductile structure was considered. Furthermore, the vertical pre-compression 
load was limited to 0.1fmAg. The bedded area corresponding to 80% length of the wall was 
considered. For an aspect ratio less than 0.33 walls the full bedded area was considered as 
specified in the NZS:4203(2004). The MSJC(2008) equation is reported in Eq.2.4. All in-
plane shear capacities were calculated with due consideration of all limitations specified in 
the standards. These limitations are reported in Chpater-2. Table.7.4 shows the in-plane shear 
capacity predicted by some selected researchers and by equations proposed in many masonry 
standards; and. This table shows only the results of 
p =1 panel with no pre-compression at 
the top with top restrained condition.  It has been previously shown (in Chapter 6) that the 
MSJC and the NZS predicted the in-plane shear capacity of the wall panels (tested in the 
laboratory by the authors). It was shown that the AS3700 prediction was a 50% 
overestimation which put the Australian masonry structures which were exposed to high wind 
or seismic action at risk of danger.  In the table, Vn was defined as the analytical model’s 
predictions whilst VFE was the FE model’s predictions of in-plane shear peak capacity. 
In this scenario where the aspect ratio of panel-1 with no pre-compression and no effective 
horizontal steel (except to support the wall and the bond beam horizontal reinforcement) was 
provided, the MSJC’s prediction was again well in line with the FE model prediction for 
single panels which it overestimated by 20%, whilst the NZS predicted accurately for long 
walls.  The AS3700 consistently overestimated the capacity by as much as 90% compared to 
the FE model. 
The CSA (2004) under predicted the in-plane shear capacity of a single panel length wall by 
20% (conservative) and over predicted the capacity by about 5% (non-conservative) for long 
walls. Matsumura’s prediction was in-line with the FE model (non-conservative). Shing’s 
model failed to predict the exact nature of the in-plane capacity, since that equation was 
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developed based on the fully grouted masonry shear wall specimens which under predicted 
the capacity (conservative) by 40%. The reason for the under prediction was due to an 
absence of horizontal reinforcement in its equation. 
Further to the above table, Fig.7.23 shows the ratio of equation prediction (Vn/VFE) versus 
the number of panels. It can be seen that the MSJC and the NZS predicted the single panel 
wall with an aspect ratio of 1 quite well and the AS3700 is distinctly conservative.  
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Table.7.4. Comparison of in-plane capacity with analytical equations 
 
 
Equations predictions (in kN) and  Vn/VFE 
 
Number of Panels/ ( w ) 
 1(1) 3(0.36) 5(0.22) 7(0.16) 9(0.12) 11(0.10) 13(0.09) 
Numerical FEM 20.9 62.8 113.6 166.6 217.8 265.2 314.5 
 AS3700 (2011) 34.2 117.6 200.2 282.7 365.2 447.6 530.1 
 Vn/VFE 1.63 1.87 1.76 1.70 1.68 1.69 1.69 
 CSA (2004) 16.5 70.7 124.1 177.4 230.6 283.8 337.0 
 Vn/VFE 0.79 1.13 1.09 1.06 1.06 1.07 1.07 
Masonry 
standards 
MSJC (2008) 19.3 75.4 130.7 186.0 241.2 296.4 351.6 
 Vn/VFE 0.92 1.20 1.15 1.12 1.11 1.12 1.12 
 NZS4230 (2004) 20.3 75.3 125.2 175.1 225.1 275 325 
 Vn/VFE 0.97 1.20 1.10 1.05 1.03 1.04 1.03 
 Matsumura 17.2 64.5 116.8 170.7 225.2 280.0 335.0 
 Vn/VFE 0.82 1.03 1.03 1.02 1.03 1.06 1.07 
Research 
recommendations 
Shing 17.2 44.8 72.5 100.1 127.7 155.4 183.0 
 Vn/VFE 0.82 0.71 0.64 0.60 0.59 0.59 0.58 
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Similarly results are reported for 
p =0.8 wall which is shown in Fig.7. 24. 
 
 
 
 
 
 
 
 
 
The corresponding table for the Fig.7. 24 can be found in Table.E.2. 
Nevertheless walls containing 
p =0.55 panels exhibited the conservative prediction of all 
analytical models except AS3700. It can be said that when 
p  reduces the analytical models 
under predict (conservative) the in-plane shear capacity of the wall.  
 
 
 
 
 
 
 
 
 
 
Fig.7.23. Shear capacity ratio versus number of bays  
(
p -1) 
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Fig.7. 24. Shear capacity ratio versus number of 
bays(
p -0. 80) 
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Fig.7. 25. Shear capacity ratio versus number of bays (
p -0. 55) 
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7.4. DOUBLE STOREY WALLS  
Twelve double storey walls were analysed, primarily for the effectiveness of the horizontal 
reinforcement. These walls are designated as 2, jP  where j indicates odd numbers up to 13. 
Fig.7.26 shows a double storey wall. 
 
 
 
 
 
 
 
7.3.1 Panel response  
Fig.7.27 shows the principal logarithmic strain at the peak load of the double storey GCM 
shear walls. It can be seen that at peak the panels developed failure strains whilst the 
confining cores exhibited quite low strains. Under the applied lateral displacement of the 
walls, it can therefore be said that the panels of the wall failed similarly to those in the single 
storey wall. The edge panels are the ones that cause initial failure while the other panels were 
confined effectively. Therefore, the edge panels were vulnerable compared to the other 
panels; the failure of the edge panels eventually caused the failure of the wall. 
 
 
 
 
 
 
 
Fig.7.26. Double storey confined masonry shear wall  
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Fig.7.27. Principal logarithmic strain at peak load of the double storey wall 
 
 
a) 3 bay  wall 
 
 
b) 5 bay wall 
 
 
c) 7 bay wall 
 
 
e) 9 bay wall 
 
 
f) 11 bay wall 
 
 
g) 13 bay wall 
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The   and  factors obtained for the double storey walls are presented in Table.7.5. It can be 
seen that the double storey GCM walls failed without the benefit of single storey wall 
counterparts. The lack of confinement efficiency of the GCM walls is constructively shown 
using logarithmic strain in Fig.7.27. The CCM walls show some level of confinement 
efficiency. 
 
 
 
 
 
 
 
7.3.2 Effect of horizontal reinforcement  
Very limited studies have been conducted by various researchers to identify the 
effectiveness/contribution of horizontal reinforcement to in-plane shear behaviours. There is 
no consistent or clear conclusion from the literature. However, all the masonry standards 
include the contribution of horizontal reinforcement in the in-plane shear capacity equation. 
The contribution varies from 50% to 80% of the yield strength of the steel. The concept 
behind this contribution was derived from the test results conducted on the fully grouted 
masonry where no weak elements (URM) exist.  
If no yielding occurred in the horizontal reinforcement, then the minimum reinforcement in 
the confining frame itself was sufficient.  With a view to illustrating the contribution of the 
horizontal reinforcement, especially its locations within the wall, two walls were analysed; 
(1) without horizontal reinforced grout at the middle and (2) with horizontal reinforced grout 
at mid-height. A double storey, three bay GCM wall was considered for the purpose. The 
wall aspect ratio was w =0.68. 
Table.7.5. In-plane capacity of the wall with number of panels (2-storey high) 
Details 
Type of 
confinement 
Bays 
1 3 5 7 9 11 13 
Non-dimensional 
strength parameter 
K 
GCM 7.0 7.0 7.01 7.1 7.1 7.1 7.1 
CCM 6.9 6.9 7.3 7.3 7.41 7.4 7.5 
Confinement 
efficiency η(%) 
GCM 0 0 0 1.5 1.2 1.3 1.5 
CCM 0 0 5.2 4.7 6.9 7.4 7.5 
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In the case of the wall with no mid-height horizontal reinforced grout, the confined panel 
aspect ratio was 
p =1.9 and in the case of the mid-height horizontal reinforced grout the 
ratio of the panels was 
p =1.0.  Fig.7.28 shows the principal logarithmic strain and the 
principal stress at the peak load of the wall. Fig.7.28.a shows the principal logarithmic strain 
where very high tensile strain (in red) was recorded. In Fig.7.28.b, the elements which 
exhibited higher principal tensile strains were shown. The maximum tensile stress and tensile 
logarithmic strains were 0.40MPa and 7933 . 
 
 
 
 
 
 
 
 
 
 
It is clear that the absence of mid-height horizontal reinforcement has eliminated the panel 
action to the whole-of-wall action. The high panel aspect ratio may be attributed to this 
transition.  
With horizontal grout placed at mid-height of the panel, the panel action has re-emerged as 
shown in Fig.7.29. 
The maximum principal tensile stress and logarithmic strain obtained was 0.35MPa and 4600 
µε, respectively. The obtained principal strains were quite lower than that of case (1) without 
horizontal reinforced grout. 
 
 
 
 
 
 
 
 
 
Fig.7.28. Wall action on λw of 0.68 wall ( -1.9) 
 
a) Principal logarithmic strains 
 
 
(b) Principal stresses 
 
Cracking 
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The obtained load displacement curves are shown in Fig.7.30. The horizontal grout itself has 
a profound effect on the panel action of the wall. With varying levels of horizontal 
reinforcement the effect on in-plane load capacity is shown in Fig.7.30. The effect of the 
stiffness of the frame was also analysed and reported in Appendix-G. Three new analyses 
were carried out using concrete confining elements.  Concretes of grades 30MPa and 50MPa 
as well as thickness of 90.5mm and 181mm were considered. It was found that, unlike the 
grout confined wall, the concrete confined wall exhibited some failure of the confining 
element, the behaviour of which can be explained as below: 
Due to higher (relative to the grout confining element) stiffness, the concrete elements 
deformed less and attracted higher stresses which caused failure of the concretes. In spite of 
this, the strain in steel remained low (below yield). 
 
 
 
 
 
 
 
 
 
From Fig.7.29, Fig.7.30 and Fig.7.31, the following observations were made. 
1. The panel aspect ratio less than one containing walls are capable of forming panel 
action. For panel aspect ratio more than 1.2 walls are exhibiting mix of wall-panel 
action. 
2. The horizontal reinforcement ratio did not make any significant impact on the shear 
strength of the wall, however the post peak deformation increased with the increase in 
horizontal reinforcement; with larger reinforcement the post peak deformation 
reduced.  
 
 
Fig.7.29. Panel action on λw of 0.68 wall ( -1) 
Horizontal grout 
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3. The ductility increased from 2.2 to 3.0 from 0% reinforcement to 0.06% 
reinforcement. Any increase of horizontal reinforcement, ρh >0.06%, reduced ductility 
to an average level of 2.0. 
To understand the actual contribution of steel reinforcement, two key locations A & B were 
chosen. These points are shown in their diagrams.  
 
 
 
  
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig.7.30. In-plane horizontal load versus horizontal displacements  
 
 
Fig.7.31. In-plane horizontal load versus horizontal reinforcement  
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Position A contains a 1N12 reinforcing bar whereas the area of horizontal reinforcement in B 
varied from 0% to 0.048%. Fig.7.32.a shows that there was no yielding (maximum stress of 
125MPa). Similarly, reinforcement located in ‘B’ exhibited 125MPa of stress at a very low 
level of reinforcement ratio.  
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
(a) Tensile stress at A 
 
(b) Tensile stress at location-B 
 
Fig.7.32. Tensile stresses on embedded steel versus horizontal displacement. 
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The variation of steel stresses along the length of the wall is shown in Fig.7.33. It can be seen 
that the tensile stress in the steel at peak load (in blue) and the ultimate load (in red) is 
similar. 
 
 
 
 
 
 
 
 
 
 
 
 
 
Since the peak load and ultimate load behaviour of the horizontal reinforcement was similar, 
further studies were carried out at the peak load level. The objective of the analysis was to 
identify the effect of the number of panels in the wall and identifying the effect of the type of 
confining elements. Fig.7.34 shows the response of the horizontal reinforcement located in a 
5 panel length wall and a 13 panel length wall at peak load as examples. It is quite clear that 
the reinforcement located in the CCM panel had exhibited only 20% stress of the similar 
GCM panels. 
  
 
 
Fig.7.33. Tensile stress on horizontal bar along the length of the wall (ρh-0.06%) 
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At the location of vertical cores, the stress in the horizontal steel decreased. The maximum 
stress near the vertical cores was only 50% of the stress away from the cores. All these 
stresses were far below the yield stress of 500MPa. 
7.4.3. Evaluation of in-plane shear capacity of the wall  
In addition to the examination of the strengths of single storey walls, the strengths of double 
storey walls were examined using the provisions in various national standards and the results 
are plotted in Fig.7.35. Unlike the single storey walls no standards actually predicted 
conservative results. The AS3700 predictions were the most non-conservative of all the 
predictions. 
 
 
 
 
 
 
Fig.7.34. Tensile stress on horizontal bar along the length of the wall (ρh -0.16%) 
 
Encounter vertical grouts 
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7.5. THREE STOREY WALLS 
7.5.1. Panel response 
A typical three storey panel is shown in Fig.7.36. 
 
 
 
 
 
 
 
 
 
 
Fig.7.36. Typical three storey wall 
 
 
 
 
Fig.7.35. In-plane shear capacity ratio versus number of panels 
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Fig.7.37. Principal strain at peak load   double storey wall 
 
 
a) 3 bay long wall 
 
 
b) 5 bay long wall 
 
 
c) 7 bay long wall 
 
 
e) 9 bay long wall 
 
 
f) 11 bay long wall 
 
 
g) 13 bay long wall 
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Fig.7.37 shows that failure mode of the walls analysed (12 cases with varied number of bays 
examined). In all tested walls the panel actions are evident. The edge panels exhibit very high 
strain while well confined central panel exhibit lower strain.  The addition of panel to the 
wall increases the shear strength indicating all the panels contribute to enhance the in-plane 
shear capacity.  
The principal strain obtained from all three storey walls at peak load are presented in 
Fig.7.37. The panel action can be seen from all walls. 
Table.7.6 shows the in-plane shear strength parameter and its confined efficiency for 3bay 
high walls. The considered bay numbers are same as two storey walls. All panel stacked 
along the vertical direction has been considered as single bay for derivation of panel 
efficiency.  
 
 
 
 
 
 
 
It can be seen that unlike the single storied walls, the three storied walls exhibited no 
confinement efficiency at all as the panel action started dominating the wall failure mode. 
Both the GCM and CCM walls behaved similarly. 
There is no confinement efficiency reported in Table.7.6 for GCM panel whereas that of 
CCM had exhibited very low level of efficiency. 
 
 
 
Table.7.6- In-plane shear capacity of the wall with number of panels  
Details 
Type of 
confinement 
Bays 
1 3 5 7 9 11 13 
Non-dimensional 
strength parameter 
K 
GCM 6.5 6.5 6.5 6.5 6.5 6.5 6.5 
CCM 7.0 7 7.1 7.1 7.1 7.2 7.2 
Confinement 
efficiency (%) 
GCM 0 0 0 -0.7 -0.3 0.8 0.6 
CCM 0 0 0.4 1.6 2.8 2.8 2.9 
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7.5.2. Effect of horizontal reinforcement  
Further studies had been carried out at peak load level to identify the effectiveness of 
horizontal reinforcement when the number of bays increases.  The CCM walls’ reinforcement 
exhibited low response than the GCM, only GCM walls. Therefore only GCM walls were 
considered for this study.  Fig.7.38 shows the steel response of 3 storied walls, considered as 
an example. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
(a) Location of horizontal reinforcement 
 
(b) Tensile stress on horizontal reinforcement  
Fig.7.38. Tensile stress on horizontal bar along the length of the wall at the peak load (1N12 
per grout) 
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Two ineffective horizontal reinforcements are located in the support and loading grout which 
exhibited very low tensile stress compared to effective reinforcement (Top and Bottom).   
The exhibited tensile stress is far below to the yield stress of 500MPa. 
7.5.3 In-plane load prediction by analytical models 
The non-conservative of the predictions increased more than that of the single storied and 
double storied walls. The table containing all values of Fig.7.39 is reported in Table.E.2 
 
 
 
 
 
 
 
 
 
 
 
 
 
With increase in number of bays all the equations overestimated the strength. AS3700 
standard expression prediction is highly non-conservative.    
 
Fig.7.39. In-plane shear capacity prediction ratio versus wall length  
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7.6. FOUR STOREY WALLS 
7.6.1. Panel action 
Fig.7.40 shows that failure mode of the walls analysed (12 cases with varied number of bays 
examined). In all tested walls the panel actions are evidence. The principal strain obtained 
from all three storey walls at peak load are presented in Fig.7.40. The panel action can be 
seen from all walls. 
Table.7. 7 shows the in-plane shear strength parameter and its confined efficiency for 3bay 
high walls. The considered bay numbers are same as two and three storied walls.  
 
 
 
 
 
 
 
As there were no recorded yielding of horizontal reinforcement in the three storied walls the 
study has been narrowed to 4-storied walls at certain selected central points of the horizontal 
reinforcement.  
 
 
 
 
 
 
Table.7. 7.In-plane capacity of the wall with number of bays  
Details 
Type of 
confinement 
Bays 
1  5 7 9 11 13 
Non-dimensional 
strength parameter 
K 
GCM 6  6 6 6 6 6 
CCM 6.6  6.6 6.7 6.7 6.8 6.8 
Confinement 
efficiency-η (%) 
GCM 0  0 -6 -6 -6 -6 
CCM 0  0 0 0 0 0 
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Similar to the two and three storied walls there were no yielding reported in the horizontal 
reinforcement that is shown in Fig.7.41. Three different sizes of walls are considered in the 
figure; 5 bay, 9 bay and 13 bay. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig.7.40. Principal strain at peak load 
 
a) 5 bay long wall 
 
 
c) 9 bay long wall 
 
 
f) 13 bay long wall 
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(a) Location of horizontal reinforcement for 5 bay length wall 
 
(b) Tensile stress variation at selected locations 
Fig.7.41. Tensile stress on horizontal bar along the length of the wall (1N16 per grout) 
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7.6.2. The effect of pre-compression on reinforcement. 
A study has been carried out at peak in-plane load to identify the effectiveness of horizontal 
reinforcement at different level of pre-compression at top of the wall.  GCM panels were 
considered for these studies. A vertically released top surface was considered with different 
level of pre-compression. The results of these analyses are reported in Fig.7.42. There was no 
yielding reported in any occasions rather the tensile stress experienced by the horizontal 
reinforcement is increased. The tensile stress close to grout is increased. With no-pre-
compression the tensile stress near to grout was lower. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig.7.42. Tensile stress on horizontal middle bar along the length of the wall (1N16 per grout) 
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7.6.3. In-plane load prediction by analytical models 
The prediction of various national standards and other researchers published equations are 
considered for the study. Using these equations four storied walls in-plane shear strength was 
examined and reported in Fig.7.43. Similar to two and three storied walls, AS3700 standard 
is highly non-conservative. Equation proposed by Shing.et.al is non-conservative at presence 
of more horizontal reinforcement. 
 
 
 
 
 
 
 
 
 
 
 
  
More details of the calculations are reported in Appendix-F. The table containing all values 
for Fig.7.43 is reported in Table.F.3. 
 
 
 
 
 
Fig.7.43. In-plane shear capacity prediction ratio versus number of bays  
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7.7. A NEW ANALYTICAL MODEL BASED ON THE 
PANEL ACTION. 
From the extensive results of the analyses of the shear walls reported in this chapter, the 
possibility of developing new analytical model for the prediction of shear strength of shear 
walls arose. The results of the analyses is summarised as below. 
1. The wall action is dominated by the panel action. 
2. Single storey walls exhibited confinement efficiency for wall panels. 
3. The higher the number of stories in the wall, lower the confinement efficiency of the 
panels. 
4. The horizontal reinforcement less contributes shear strength. 
5. Pre-compression provides some useful contribution to the shear strength of walls. 
Analytical models reflect the above results. 
7.7.1. Conceptual frame work of equation development 
It is proposed that the wall strength is determined from basic strength of a sigle storey single 
bay confined panels as shown in Eq.7.6. 
Vm=Vp×η×n 7.6 
  
In which Vm- Wall in-plane shear capacity, pV - Confined panel in-plane shear capacity  - 
confinement efficiency and n- number of bays. 
For two or more storey walls the confinement efficiency was calculated considering the bays.  
The shear strength of the basic single bay single storey panel Vp is required to be adjusted for 
the number of stories based on inference #3 stated above. Fig.7.44 shows the effect of 
number of stories on shear strength parameter (K). 
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From the least square method of curve fitting, the following equation is obtained.  
1
10.9
m
m 
  7.8 
Where m  shear strength parameter of m storied wall. This shear strength of wall can be 
therefore be converted as shown in Eq.7.9 
1( (0.9) ) nmm pV V 
    7.9 
 
Since 
pV  is known the wall in-plane shear capacity can be found from Eq7.7. 
The effect of boundary condition, the effect of pre-compression and panel in-plane shear 
capacity has been examined and reported in following sections. 
 
 
Fig.7.44. In-plane shear strength versus no. of storeys 
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7.7.2. The contribution of masonry strength 
To identify the in-plane shear capacity of the confined panel, the least square curve fitting 
method was used. It is understood that the shear strength of the of the masonry wall contain 
two variable as shown in Eq.7.10 and Eq.7.11. 
( )amf   7.10 
( )bp    7.11 
In which   is the basic shear strength of masonry in MPa, mf - is the compressive strength of 
the masonry in MPa, 
p  in the confined panel aspect ratio and ,a b R , where R is positive 
real numbers. 
Initially 
p  was set as a constant and correlation between  and mf  was determined. The 
linear correlation was observed between them for a=0.5. The linear correlation is shown in  
Fig.7.45 for different values of
p . The values that were considered for mf  are 6 MPa, 9 
MPa, 12 MPa, 15 MPa and 18 MPa. The 
p  of 1, 0.8, 0.65 and 0.55 was considered. It is 
shown in 3D (see Fig.7.46). The effect of mf  on   is shown in Fig.7.46 with varying p . 
Since  exhibited linear relationship with mf , the effect of masonry compressive strength 
was normalised by dividing mf . The correlation was then further developed to identify the 
effect of  
p  on / mf . 
From Fig.7.47, the equation was proposed as shown in Eq.7.12.  
0.17(2 0.9 )p
mf

    7.12 
Further this equation was rewritten as shown in Eq.7.13.   
0.17(2 0.9 )p p m nV f A   7.13 
Where nA  indicates net area. 
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Fig.7.45. Correlation of τ-fm for different λp 
 
 
a) =1 
 
 
b) =0.8 
 
 
c) =0.65 
 
d) =0.55 
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Fig.7.47. Correlation of τ/√fm 
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Fig.7.46. Shear strength versus √fm (in 3D field) 
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7.7.3. Contribution from pre-compression (p) 
The contribution from pre-compression has been examined for wall with vertically released 
boundary condition. Once pre-compression was applied on top of the cantilever wall it 
becomes vertically restrained because the pre-compression will not allow its free end to move 
vertically.  Fig.7.48 shows the in-plane shear capacity changes with level of pre-compression. 
p Indicates the pre-compression ratio and P indicate pre-compression load (in kN). 0.3P line 
accounts 30% of pre-compression load that contributes to enhance the shear strength 
parameter K. To account factor of safety the 0.25P was considered. At which the GCM walls 
remain within the conservative region up to pre-compression ratio of 0.14 and CCM walls up 
to 0.1. 
Similar upper limit is advised in NZ-4230(2004) where the upper limit was proposed at 
0.1 g mA f  irrespective of the type of confinement.  
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig.7.48. In-plane load versus pre-compression ratio 
Non conservative 
Conservative 
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7.7.4. Summary of all parameters in proposed equation 
The final equation is written as, 
     10.17 2 0.9 0.25 0.9 mn p m nV f A P n  

        7.14 
In which, m indicates number of storeys,   indicates confinement efficiency, n indicates 
number of bays and   indicates boundary condition factor.   can be obtained from 
Table.7.8. 
The boundary condition factor ( ) is: 
 1- for top restrained  
 1- for top un restrained with any pre-compression force. 
 0.5- for GCM  unrestrained and/or no pre-compression  
 0.8- for CCM  unrestrained and/or no pre-compression 
   
 
 
 
 
 
 
 
 
 
It is worth to note that the panel action based in-plane shear capacity can be determined for 
walls containing less than one confined panel aspect ratio. This is the prime limitation of this 
Table.7.8. Confinement efficiency of the columns ( ) 
Wall height Wall length Panel aspect ratio GCM CCM 
1H storey  
4L bays  1p   1.00 1.00 
10L bays  
1 0.8p   1.22 1.06 
0.8 0.55p   1 1 
2 3H stories     1 1 
4H stories  
4L bays  1p   1.00 1.00 
10L bays  1 0.55p   0.94 1 
For L in between 4 to 10 bays, linear interpolation permitted. 
For released boundary wall the factor should be multiplied by 0.4. 
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equation. Since the new equation was proposed based on the numerical model, it is vital 
important to check its reliability based on the available experimental results. 
7.7.5. Validation of the analytical model 
The analytical model was developed using the FE model results obtained from the thesis. Its 
applicability to other independent experiments as a form of validation of the model is 
reported. In this purpose nine datasets reported in the literature by various researchers have 
been used. Those experimental data are reported in Table.7.9. These data collected from 
various publications contain experimental work carried out in various locations of the world 
and tested at different time frames.  These variabilities may influence on the test results since 
material manufacturing standard and construction practises could have been significantly 
different. Only the squat walls containing an aspect ratio less than one wall were considered 
in the studies as the proposed equation has its own limitation.   
The analytical model was used to predict the shear strength of the nine walls and the 
predictions are reported in Table.7. 10. For completeness the design provision in major 
national standards were also used to predict the shear strength of the walls. 
For the evaluation of in-plane shear capacity of the walls using national standard equations, 
all horizontal reinforcement located in the wall was considered irrespective of their locations. 
The data and the predictions are shown in Fig.7.49. 
The wall numbers are shown in Table.7.9. The limit line drawn at Vn/VEXP ratio of 1 is the 
boundary between conservative and non-conservative prediction. 
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Table.7.9. Collection of experimental test data 
Test details 
Wall 
number Type of 
block 
Boundary 
condition 
Pre-
compres
sion 
(MPa) 
Details of panels Details of wall 
'
mf  
(MPa) 
Thickness Reinforcement per core 
Storey
s 
Bays λp Length 
(m) 
Height 
(m) 
λw Total 
(mm) 
Effective 
(mm) 
Horizontal 
 
Vertical 
Nolph and 
ElGawady 
(2011) 
Nolph 1 Concrete Top restrained 0.1 2 2 1 2.631 2.845 1.08 11.3 200 64 1×N16 2×N22 
Nolph 2 Concrete Top restrained 0.1 2 2 1 2.631 2.845 1.08 11.3 200 64 1×N19 2×N22 
Nolph 3 Concrete Top restrained 0.1 2 2 1 2.631 2.845 1.08 11.3 200 64 2×N12 2×N22 
Minaie et al. 
(2010) 
Minaie 1 Concrete Top released 0.7 2 3 1 3.86 2.64 0.68 13 200 64 1×N19 1×N19 
Minaie 2 Concrete Top restrained 0 2 3 1 3.86 2.64 0.68 13 200 64 1×N19 1×N19 
Shrive et al. 
(2009) 
Shrive   Concrete Top released 0 1 3 1 5 1.6 0.32 12.6 390 80 0 1×N12  
Schultz (1996) Schultz   Concrete Top restrained 1 2 1 0.5
7 
1.422 1.422 1 17.1 195 67.4 1×N13 & 
1×N16 
1×N19 
Ghanem et al. 
(1993) 
Ghanem 
1 
Concrete Top released 0.3 2 2 0.5
3 
0.938 0.92 0.98 15.9 47 - 0.12 % 0.12 % 
Ghanem
2 
Concrete Top released 0.3 3 3 1.0
5 
0.938 0.92 0.98 15.9 47 - 0.12 % 0.12 % 
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  Table.7. 10. Evaluation of in-plane shear capacity estimation  
Test 
details 
Wall 
number 
VEXP 
(kN) 
Existing equation predictions  nV (in kN)  Proposed 
model (in kN) 
 
 
AS3700 Vn/Vexp CSA (2004) Vn/Vexp MSJC(2008) Vn/Vexp NZS 4230 Vn/Vexp Vn/Vexp 
Nolph and 
ElGawady 
(2011)  
Nolph 1 
221.8 360.8 1.63 249.7 1.13 262.9 1.19 288.1 1.3 170.2 0.77 
Nolph 2 
227.7 419.8 1.84 293.9 1.29 275.7 1.21 316.7 1.39 170.2 0.75 
Nolph 3 
202.9 501.3 2.47 303.1 1.49 275.7 1.36 381.9 1.88 170.2 0.84 
Minaie et 
al. (2010) 
Minaie 1 
315 455.9 1.45 575.4 1.83 500 1.56 610 1.94 295.4 0.94 
Minaie 2 
240.7 455.9 1.89 518.9 2.16 499 2.07 492 2.04 234.45 0.97 
Shrive et 
al. (2009) 
Shrive   
160 625 3.91 428 2.68 448.5 2.8 338.1 2.11 155.6 0.97 
Schultz 
(1996) 
Schultz   
154 244 1.58 204 1.32 183.2 1.19 249 1.62 153.4 1 
Ghanem 
et al. 
(1993) 
Ghanem 
1 
30.2 66.8 2.21 45.2 1.5 51 1.69 51 1.69 34.7 1.15 
Ghanem
2 
34.7 63.4 1.83 42.9 1.24 48.5 1.40 48.5 1.40 34.5 1 
Vn- Equation prediction 
Vexp- Experimental in-plane shear capacity prediction. 
Chapter 7 Page 195 
 
 
 
 
 
 
 
 
 
 
 
 
 
It can clearly be seen that AS3700 prediction is highly non conservative compared with other 
equations and it’s over estimation is as high as 290%.   The highest over estimation reported 
in Wall#6 is due to the boundary condition since the experimental carried out at cantilever 
wall (top surface unrestrained) without any pre-compression which cause very low in-plane 
shear capacity. Since no specified masonry standards had accounted the effect of the top 
surface boundary condition, the ( V /n EXPV ) ratio became abnormally high. MSJC, CSA and 
NZS mostly exhibit similar trend for all walls and it’s over prediction fluctuate from 15 % to 
180 %.  The Nolph 1, Nolph 2 and Nolph 3 are obtained from test carried out in similar 
environment in which the effect other variabilities are minimal. The amount of horizontal 
reinforcement is increasing from Nolph 1 to Nolph 3. It is observed that when horizontal 
reinforcement increases most of the standards expressions predictions become non-
conservative.  
The proposed analytical model has predicted the in-plane shear strength in the satisfactory to 
limit for all nine walls. /n EXPV V  
ratio fluctuates from 0.75 to 1.15 with an average ratio of 
0.93. Only wall#8 was provided a marginal of 15% non-conservative prediction; the shear 
 
Fig.7.49. In-plane shear capacity ratio versus wall numbers 
Un-conservative 
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strength of all other eight walls has been predicted conservatively. The simplicity of the 
proposed analytical model is also an advantage. It is therefore recommended the proposed 
analytical model replaces the existing AS3700 (2011) expression for the reinforced masonry 
shear strength. 
7.8. SUMMARY 
The FE model has predicted the in-plane shear responses of confined masonry shear walls of 
up to four storied high and 13 bays long. The following observations were made from the 
data generated from the prediction: 
1. The panel aspect ratio (
p ) is a significant factor in the determination of the peak in-
plane capacity of the walls. None of the design equations in various national 
standards account for this parameter. 
2. The reinforcements (especially the horizontal reinforcement) are largely ineffective 
as the stress levels in them are quite low (10%-25% of yield). Design equations in 
many national standards provide terms that account for the yielding of horizontal (or 
vertical) reinforcement, which contribute to over prediction of the capacities (non-
conservatives) 
3. Pre-compression has beneficial effects below 10% of the compressive strength of 
masonry. Except the AS3700, all other major standards considered in this thesis have 
a term to account for the pre-compression. 
From the above observations, an equation for prediction of in-plane shear capacity of 
confined masonry walls has been developed and it is shown that the predictions of equations 
for some independent test results are quite good.  
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CHAPTER 8 
SUMMARY AND CONCLUSIONS 
The prime aim of this research project is to evaluate the performance of confined masonry 
shear walls subjected to in-plane shear and to develop appropriate design equations that 
account for all the key parameters that affect the performance. This aim stems from the 
criticisms of the current provisions of in-plane shear capacity equations in the Australian 
Masonry Standard AS3700 (2011) being highly non-conservative by several researchers.  In 
spite of these criticisms no systematic development of design equation from the fundamental 
studies have been performed to date. This PhD thesis has developed a design equation based 
on the fundamentally sound studies involving experiments and finite element modelling 
methods. The proposed equation is only valid for walls with an w <1, containing an p <1 
panel. 
Re-examination of data from an earlier PhD thesis on wide reinforced masonry has revealed 
that the aspect ratios of the panels within the shear walls have a profound effect on their in-
plane shear responses. This thesis therefore considered the panels as the basic units that 
govern the behaviour of the whole shear wall. In other words, panels are considered to be the 
building blocks of the full-sized walls.  The responses of isolated wall panels that were 
examined first, formed the basis from which the other wall responses were derived. 
The experimental program of this thesis focused on characterising the masonry parameters 
and   documenting the effectiveness of Grout Confined Masonry (GCM) and  Concrete 
Confined Masonry  (CCM ) walls.  All tests were carried out on half scale specimens. 
Two stages of testing were carried out. The first stage contained 52 small material specimens 
and two masonry panels of 850mm×850mm in size. The compressive strength of the blocks, 
the hollow and the grouted masonry prism, the flexural tensile strength of the block and the 
masonry, the shear strength of masonry and the yield strength of steel reinforcement were 
obtained. Two masonry panels were tested under diagonal compression load to evaluate the 
shear strength and the shear modulus of the unreinforced masonry. 
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An explicit macro modelling finite element model was adapted to numerically simulate the 
response of the confined masonry panels. The damage plasticity model was adopted to 
simulate concrete. The FE model was calibrated using data obtained from Stage-1 tests.   
The calibrated FE model was used for further predictions of the Unconfined Masonry 
(UCM), GCM and CCM wall panels subjected to diagonal compression. 
To validate the numerical predictions of the UCM, the GCM and the CCM panels a second 
stage of experimental investigations was conducted. These tests contained six masonry 
panels; two each of UCM, GCM and CCM. Load-displacement response, strain response in 
the panel, and the reinforcement and failure patterns were recorded.  The prediction of the 
numerical model corresponded well to the experimental results. 
The developed numerical model was used to expand the scope of the study to include the 
effect of pre-compression, the percentage of horizontal reinforcement, the panel aspect ratio, 
the type of boundary condition and the masonry compressive strength. Finally, an appropriate 
analytical model was developed to determine the in-plane shear capacity of the shear walls. 
The results obtained from these experimental and numerical studies led to the following 
major findings. 
1. The design equations developed in this thesis are capable of predicting the in-plane 
shear capacity of reinforced masonry shear walls with an w <1, containing an p <1 
panel. The equation also predicts the capacity of walls tested by other researchers; a s 
a form of independent validation. The predictions were generally conservative. In 
contrast all available expressions in the national design standards were non 
conservative.  
2. The shear walls can be considered to be the assemblage of panels in the design; thus 
the panel aspect ratio is found to have a profound effect on the in-plane shear capacity 
of the shear walls. Unfortunately, none of the design equations in major national 
standards account for this key parameter. This thesis strongly recommends the 
inclusions of the panel aspect ratio in design capacity expression. 
3. Horizontal reinforcement is not quite effective in resisting the in-plane shear loads as 
evidenced by the low levels (10%-25%) of yield. This thesis recommends the terms 
included to horizontal reinforcement in the design equations be deleted.  
Chapter 8 Page 199 
 
4. The ductility of the walls is influenced by the amount of horizontal reinforcement and 
mild pre-compression. Effective horizontal reinforcement of 0.03%-0.06% increases 
the ductility.  A pre-compression level of up to 0.05p increased the ductility.  
5. Amongst all the national design standards considered in this thesis, the Australian 
masonry standard (AS3700) provides a highly non-conservative prediction in all 
cases. This equation is in need of urgent revision. 
 
Furthermore a number of specific conclusions can also be made from the data 
generated in the experiments and FE investigations. 
1. Half scale blocks are convenient means of achieving desired results which contained 
sufficient number of joints within a panel.  
2. The diagonal compression test can provide a good platform for studies of the relative 
performance of confined masonry panels. 
3. The confining elements can increase the shear strength of the unconfined masonry 
panels beyond a critical length of the wall ( w  0.36). 
4. Amongst the two types of confining element considered in this thesis, the reinforced 
concrete confinement is found to be more effective. 
5. The longer the walls (or the smaller the w ), the smaller the effect of confinement on 
the unreinforced masonry panels. 
 
 
Recommendations for further research in the future: 
1. The effect of 
p >1.0 requires further examination. 
 
2. The effect of cyclic load on wall performance requires careful examination. 
 
3. Extent of the viability of the proposed analytical model should be examined for 
recently emerged thin bed masonry wall and dry stack masonry walls.  
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APPENDIX-A: MTS PREPARATION. 
A.1 Introduction 
MTS controller is one of the widely used actuator control and data acquisition systems.  It 
contains software (MTS TestStar IIm) and an MTS chassis connected with the actuators. The 
experimental tests reported in the chapters had been carried out using the dual parallel 
synchronised actuators that is controlled by the MTS system. For the experimental works 
only the displacement controlled ‘static compression load’ was applied at a constant rate 
although this MTS system is capable of handling a variety of load input functions such as the 
cyclic or any other profile command, etc. Model 793.00 system software supplied by the 
MTS Corporation was used to configure two actuators simultaneously.  This appendix 
explains how the new MTS system is setup starting from creating basic hardware interface 
file to conducting a trial test run to demonstrate proper functioning of the system.  
Setup a new MTS system for the experimental works involve following steps. 
A.2 General Description of the MTS Controller and Actuators 
The MTS system requires the following steps for proper: 
1. Creating a Hardware Interface file (Hwi) using the Hwi editor - It allocates the 
resources to the MTS chassis. This provides platform for configuration of the file. 
2. Creating a configuration file using a station builder.  
3. Preparing a calibration file for each of the sensors using a station manager. 
4. Conducting tuning process. 
5. Preparing test setup and conducting new tests. 
Fig-1 depicts a flow diagram of the total system involved in the MTS control.  The detailed 
function and specification of each system is outlined in this section. 
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Fig.A.1: Flow diagram of steps involved in MTS and actuator system. 
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a) MTS series 793 Controller (MTS chassis) 
This Chassis and its softwares were supplied by MTS Corporation. The model of this 
controller is 793.0-TestStar IIm. It has the capability to assign maximum of four potential 
stations with 3 potential channels and its system frequency rate is 4096 Hz.  MTS chassis is 
shown in Fig-1. 
 
b) Hydraulic Power Unit (HPU) 
i. Hydraulic pump. 
A hydraulic pump is shown in Fig-1(d). It possess sufficient capacity to pump the oil (type-
ISO 68) to the actuator at a maximum pressure of 300 bar (or, 30MPa). This system can be 
either operated at low pressure or higher pressure as required. The usage of the low pressure 
is to get all the setup pre-test position of ramp. This avoids any sudden ramp movement 
which can cause damage to the hydraulic accumulator or other components of the HPU 
systems, and also improve the safety issues because-it can cause severe damage to the nearby 
users, should explosion occurs due to the internal pressure. Any sudden movement can 
reduce the life of the system. Only higher pressure was used at the time of test being 
undertaken.   
ii. Hydraulic accumulator 
 This is Gas-charged accumulators (nitrogen). These are ubiquitous (common) in the modern 
hydraulic systems. This accumulator carryout the functions of energy storage and reserve, 
leakage and thermal compensation, shock absorption, and energy recovery. The cross section of 
the accumulator is shown in Fig.A.2. This accumulator’s response time is 25 milliseconds. Its gas 
compression ratio is around 4:1 with a flow rate of 15 l/s. 
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b) Actuators: 
Two actuators in parallel were synchronised to enhance the load capacity with sufficient 
lateral restraint.  As each actuator has Whole Circle Bearing (WCB) at the top as shown in 
Fig.A.3, it was very difficult to use a single actuator to conduct compression test as it can 
simply change the axis of the vertical load due to accidental/ uncontrolled initial 
eccentricities.  Fig-3 shows some details of actuators.  Each load cell/actuator can apply 
tension or compression load of up to 238 kN. HPU could be activated by pressing High/Low 
pressure button. Once high pressure is activated, the HPU will be in operational condition, 
the actuators’ ramp response according the signal transferred through the servo valve. 
Actuator will be in operation based on the LVDT signal-this is closed loop control system. 
Once the command signal is generated, sensor will generate its signal, the difference between 
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command and sensor signal will be calculated. The new command signal will be adjusted 
based on the difference. The load cell simply transfers the sensor reading at the time. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
A.3. Hardware interface (Hwi) file. 
Hwi files are text files which define the internal resources—available in the controller. These 
internal resources include digital inputs, conditioners, valve drivers, etc.  Each tab in Hwi file 
contains text description of proximity information such as slot location and rear-panel 
connectors. Standard Hwi file was created and supplied by the MTS Corporation according 
 
Fig.A.3: Actuators 
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the resource included in the controller. It requires necessary modification at the presence of 
new Channel/Actuator or when the system resources are modified in the controller chassis. 
TestStar IIm (493.10) controller was used (MTS-Corporation 2004b). Supplied Hwi was 
edited by thr Hwi file editor version 3.5B 1780. This editor contained fill down function that 
automatically would assign proper channel and resource names. The Hwi file editor for 
TestStar IIm is shown in Fig.A.4. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
In the MTS Chassis, ‘VME’ bus modules and ‘Transition’ modules are installed in the front 
and rear panel, respectively as shown in Fig -5. From the VME and Transition tab located in 
‘controller definition pane’, each port in the module was assigned to the particular function of 
the channel according the instruction given in the MTS manual (MTS-Corporation 2004a).  
This Hwi text pane automatically displays the syntax function of the selection in the 
controller definition pane.  
 
Fig.A.4: TestStar IIm Hwi file 
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In the Hwi editor, VMEbus module Slot 4 and 5 (S4, S5 & S10 as shown in Fig.A.3) were 
selected to IO carrier (493.40)  which represents each actuators. Also Slot-10 was assigned 
with Gres III. Transition slot 6 and 8 were selected for the Hydraulic Service Manifold 
(HSM) and Slot-9 was assigned with the Hydraulic Power Unit (HPU).  One remote station 
control was added under the ‘Miscellaneous tab’. As shown in Fig.A.4, once all IO carriers, 
Gres III controllers and HSM are assigned it would appear in the tree view pane.  By 
expanding the each carrier and Gres III, Slot number and clock type were added. Gres III was 
selected as ‘Master’ and other three IO carriers were selected as ‘Slave’. From further 
expanding the analogue input located under each carriers and Gres III, Mode and filter 
number was added as DC and 1000, respectively. Each of these two carriers represents the 
ports located in the VME pane which needs to be connected with LVDT, servo valve and 
load cell of the actuators. LVDT and Load cell were represented by 493.25 DUC and Servo 
valve was represented by 493.14 2SVD under each IO carrier. Please refer MTS manual for 
the detail of each terms used (ref). 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig.A.5: Module arrangements in MTS chassis 
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Once Hwi file was created then it was saved in the name of ‘TSIISMC’ which can be 
automatically deducted by ‘Station Builder’. 
A.3. Station Builder.  
The station design application is reported in this section. This application allows allocating 
controller resources, such as the valve drivers and conditioners, to the station configuration 
files. Station builder is capable of creating ‘.cfg’ file which can be recognised by the station 
manager to control either single or dual servo valve control actuators. Three different 
configuration files required for three different types of operations (Actuator-1 operation, 
Actuator-2 operation and Dual operation).  Fig-6 shows the station builder window with each 
panel’s label on it. Explanation of each tabs and its function is available on the Station 
builder manual (MTS-Corporation 2004b). 
The following steps were carried out to create new configuration file  
1.  ‘TSIISMC.Hwi’ was placed in the ‘tsiim’ folder where all software are installed. This 
Hwi file could be automatically recognised by the station builder if that file is located in 
the above folder with same name. 
2. Once ‘TSIISMC.Hwi’ opened in station builder it would appear as shown in Fig-6, 
displaying all allocated resources in the ‘controller resources pane’   
3. Display name was selected as ‘Hylec_1’ and internal name was selected as Ch1 from 
drop down menu. This ‘Hylec_1’ is capable of operating single actuator named as 
Actuator-1. 
Hylec_2 file was created to operate Actuator-2 and dual_hylec file was created to 
operate both actuators simultaneously. 
4. By selecting control mode tap appeared in application pane, displacement was added 
and its corresponding resource was selected as per the ‘controller resources’ and the 
length was selected as its dimension. Then the ‘Force’ was added with its resource 
located under the resource pane. The one  defined first would determine the control 
mode of actuators. If the actuators are defined to operate in displacement control, the 
displacement should be added first. 
5. For each actuator, corresponding HSM units were added under the power drop down 
menu.  
For Hylec_1, HSM 1 was added whilst for Hylec_2, HSM 2 was added. 
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6. Finally each file was saved as the name specified. These files are known as 
configuration files for MTS system which was ready to be used by the station manager 
to operate the actuators. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig.A.6. Station builder main window 
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A.4. Station manager 
Station manager is capable of performing the below functions (MTS-Corporation 2004b): 
1. Load a station using configuration file and allow creating station parameters setting 
necessary operational parameters to the controller resources. 
2. Perform multiple basic testing activities such as activating drive power, manual 
control of the actuator, monitoring station signals, gaining data from actuators and 
analogue input, and starting and stopping tests. 
3. Calibrate performancewith finer tuning as required.  
4. Generate control hydraulic pressure (either low or high) through HSM and HPU 
functions in the configuration file. 
5. Manage the function of Basic Test Ware and Multi-Purpose Test Ware (MPT). 
Basic Test Ware (BTW) is capable of handling simple actuator commands such as 
monotonic or cyclic wave. However MPT is capable of handling most complicated 
functions such as loop functions, ramp commands, dwell commands and profile 
commands. 
6. It also displays the signal on the built-in scopes and meters. 
 
Station manager contains for access levels. Such as, 
1. Calibration 
2. Configuration 
3. Tuning 
4. Operator-    Provide Basic Test Ware and MPT functions. Day to day users normally 
familiarised with this function only. 
The station manager window with BTW is shown in Fig-7.  
A.4.1 Calibration and configuration: 
This MTS control system works with sensors (actuators) within a closed loop. The system 
converts the measured mechanical values, such as the force and/ or displacement, into an 
electrical signal. All sensors, from (for example) Load cells and LVDTs, need calibration to 
ensure their outputs accurately represent the physical condition they sense. For each new 
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sensors this calibration files supplied by the manufacturer needs to be edited from the new 
calibration data. Sensor calibration files contain ‘.scf’ extension. This file contains the name, 
the model number, the excitation voltage, the calibrated range, etc. Sensor file editor was 
used to modify ‘Hylec 2.scf’ file as this was re-calibrated. Actuator-2 wasn’t in operation for 
many years (in storage) and load cell wasn’t calibrated since 1989. 
Before the calibration procedure, a system warm-up was conducted as advised by the MTS 
Corporation. All specimens were removed and cyclic command with Amplitude 180 mm 
(80% of span) at a rate of 0.1 Hz was applied for 30 minutes. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig.A.7.  Station manager main window 
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For the purpose to ensure the accuracy actuator-1&2 load cells results were compared with 
calibrated load cell as shown in Fig.A.8. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
There were four options available to modify a calibration file. (a) Gain/Linearization method, 
(b) mV/V Pos Tension, (c) mV/V Pos Compression and (d) Gain/delta K method. The 
Gain/Linerization method was selected for load cell calibration file. It allowed user to define 
conditioner range using a linearization data table. It required specific conditioner zeroing 
practices. Electrical Zero Lock on the Offset/Zero submenu was set to Lock. Because, after 
completing calibration, readjustment of electrical zero will change the point at which 
linearization takes place, disturbing other calibration settings. 
Then the station manager was opened and Calibration access level was reached by providing 
password. The detail of password is available in the Manual.  From the station manager’s 
window, appropriate standard calibration file, which appeared with ‘.scf’ extension’, supplied 
 
 
Fig.A.8: Load cell calibration 
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by the MTS corporation was assigned. This Calibration window is shown in Fig.A.9.  In load 
cell’s calibration file, the excitation voltage was set as 10 V, and the mv/V Pos Tension and 
the mV/V Pos Comp were selected as 1 each. Actuator’s range was selected as -300kN to 
+300 kN. After allocating resource number and labelling, it was saved.  
For the displacement calibration, first Displacement “.scf” file was assigned. The calibration 
type was selected as mV/V Pos Tension then relevant details such as ranges (-450mm to 
+450 mm), excitation voltage (10 V), Neg. Compression, Polarity and Fine zero was selected 
based on the Actuator’s data sheet. This displacement transducer calibration mV/V pos 
Tension doesn’t require any linearization data table as it supplied in load cell calibration. 
 
 
 
 
 
  
 
 
 
 
 
 
 
 
 
 
 
Fig.A.9:   Force load cell calibration main window 
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A.4.2. Tuning: 
This level is password protected. The password supplied by the MTS Corporation, in the 
manual, should be input.  It facilitates users to get more accurate data from the actuator 
response. And also it provides more comfort to the user to get the desired settings of the 
actuator movement. Inappropriate tuning may cause abnormal vibration in the actuator ramp 
or very high noise in the servo valve. It provides two types of tuning method, such as PIDF 
and CLC method. For the fine or more accurate tuning CLC method is not recommended. 
PIDF stands for, Proportional gain (P), Integral Gain (I), Derivative gain (D) and Feed 
Forward gain (F). CLC stands for Channel Limited Channels. CLC provides the channel 
functions limits with tuning. Since we didn’t worry any actuators limitation we approached 
PIDF tuning method to provide more accurate command. The tuning procedure is explained 
below. Fig.A.10 shows the tuning window. 
 
 
 
 
 
 
 
 
1. P-gain:  Increases the effect of the error signal on the servo valve to improve system 
response. This gain is used in all tuning situations.  
 
 
 
 
 
  
Fig.A.11:   P-gain response for command 
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Fig.A.10:   Tuning level main window 
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As P-gain increases the error decreases and the feedback signal get closer to the 
command. Higher P gain increases the speed of the system.  However too high values 
can cause unsteady nature or abnormal movement of the actuator, posing danger. Too 
low value can cause sluggish movement as shown in Fig.A.11. For the actuators P-
gain value of 26.207 was used which was compensated with I-gain. 
2. I-gain:  I gain increases the system response during the low frequency operation or 
simple static operation and maintain the mean level during the high frequency 
operation.  For the best of the operation I gain value was set as minimum as possible 
(I gain-2). Fig.A12 clearly depicts the effect of the I-gain. 
 
 
 
 
 
 
 
 
 
 
3. D-gain:  Derivative gain uses for dynamic response program .As my tests are based 
on static nature I kept this value zero. Fig-13 shows the response of D-gain for 
different values. 
 
 
 
 
 
 
 
Fig.A.12I-gain response for command 
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Fig.A.13. D-gain response for command 
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4. F/F2 gain:  This gain introduces a derivative of the command signal. This is an 
anticipated operation which estimates how large a valve opening should be to reach 
the required response and adds that to the valve command—like compensating for 
phase lag. The function of F-gain is shown in Fig.A.14. F and F2 Gains are applied 
to the current control mode before the forward loop filter and after the forward loop 
filter, respectively. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
A.4.3 Operations 
This is the normal standard level where user enters when they open the station manager.  To 
operational level following steps were followed.  
1. The Station Manager application was opened by double clicking on the Station 
Manager Icon. 
2. Select the desired configuration file. Create three configuration files - Hylec_1 to 
operate actatuor-1 alone, Hylec_2 to operate actatuor-2 alone and Dual_hylec to 
operate both actuators in parallel configuration to double the capacity. 
3. Click on the appropriate parameter set and interlock chain (interlock-1). 
Once entered into the main window shown in Fig-7, the operational command can be defined. 
Either Basic Test Ware (BTW) or Multipurpose Test Ware (MPT) can be used. BTW 
 
Fig 14:   Tuning level main window 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
  
 
 
 
 
 
                 Command;                  Qrininal feedback;                 Command with F-Gain 
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provides the basic simple static and cyclic (Sine, square, ramp, etc.) operations whilst MPT 
provides complex user defined profile functions.  
 
A.5. Basic Test Ware (BTW) 
The experimental works reported in this thesis have only used BTW due to the simple static 
load applications requirement. The following procedures were adopted to create the 
operational command. BTW window is shown in Fig.A.15.   
 
 
 
 
 
 
 
 
 
 
The following steps were created to in test setup. 
Under the channel tab, 
1. Helec_1 and Hylec_2 appear in the drop down menu; these were synchronised with 
each actuators, Actuator-1 and Actuator-2, respectively.  First Hylec_1 was selected 
and parameters were set. For Hylec_2 the below steps containing parameter steps 
needs to be repeated. 
2. Control type can be either monotonic or cyclic. Monotonic type was selected. 
3. It can be controlled using displacement, force or CLC method. Displacement control 
mode was selected. 
 
Fig.A.15:   BTW window 
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4. Target set point was determined at the point where the ramp touched the specimen. So 
it varied depends on the specimen height. 
5. End level type was selected as relative with value of 30 mm. So this test will 
terminate when ramp touched 30 mm from the test starting point. 
6. This displacement rate was defined as1 mm /min.  
 
Under the data acquisition tab, Force, displacement and the time was activated for each 
actuator.  
In order the final data displaying the above selected data, sample rate and buffer size was 
defined as 1 Hz and 1024 respectively. In this manner, one data point was recorded for each 
second, after collecting 1024 data points the system would be saved. Finally, data file path 
was created under the ‘Data file’ tab. Other tabs’ functions were disabled as they were not 
applicable to the test described in this thesis.   
 
From the station manager, manual command button was clicked. Once the manual command 
pop up window appeared, each actuator’s ramp positions were set to same value. Once the 
channel icon was clicked, it turns out to ‘Group’ mode. Fig.A.16 shows the command 
window. Now this manual command button is capable of handling dual actuators 
simultaneously. This manual command was used to get the ramp to touch the specimen 
before the test.  
 
 
 
 
 
 
 
 
By clicking the start button appeared in the BTW window, the test was started. Once the test 
started the data would get recorded under the specified name.  
 
Fig.A.16:   Manual command window 
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Graph visualisation 
Scope icon pop out window appeared as shown in Fig.A.17. User can define X and Y axis 
and the scales. It also provides many functions to facilitate more meaningfull to the user.   
 
 
 
  
 
 
 
 
 
  
The corresponding digital value can be visualised from meter.   
Auto offset 
Auto Off set is more useful to start the test with zero value. Auto offset window is shown in 
Fig.A.18. The icon appeared in the centre needs to be clicked to make zero.  
 
 
 
 
 
 
 
Fig.A.17:   Graph visualisation 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Fig.A.18:   Auto- offset window 
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These auto offsets are incapable of changing the electrical zero. This is only a temporary 
measure. This will not affect any tuning setup.  There are more options available to get the 
data what user desire.  Few of the most important things are only reported in this report. 
The function of BTW can be substituted from the Multipurpose Test Ware (MPT)(MTS-
Corporation 2004c). This can handle most complex functions.  This platform provides more 
sophisticated functions. Fig.A.19 shows MPT window with ramp up, pre cycle, pause, etc. 
This type of user desired functions cannot be created in the BTW. 
 
 
 
 
 
 
 
 
 
 
User manual contains more than 1500 pages to explain each function. It is advisable to use 
user manuals for broad knowledge about the calibration; Tuning, Hwi file preparation and 
configuration file formation. Only most important functions which used for testings are 
reported here. 
 
 
 
 
 
Fig.A.19:   MPT window 
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APPENDIX-B: EXPERIMENTAL TEST RESULTS. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Table.B.1. Compression perpendicular to bed joint- units 
Specimen details 
Strength 
 MPa  
Elastic modulus 
( )MPa  
Block1 13.88 3584 
Block2 14.57 3104 
Block3 12.92 3616 
Block4 11.55 3282 
Block5 12.47 3618 
Block6 13.07 2625 
Mean 13.08 3304 
STD 0.97 359.60 
COV (%) 7.40 10.88 
 
 
 
 
 
 
 
 
 
Table.B.2. Flexural tensile strength of block 
Specimen 
details 
Flexural 
tensile 
strength 
 2utf Nmm  
Block-1 2.33 
Block -2 2.84 
Block -3 3.26 
Block -4 2.38 
Block -5 2.85 
Block -6 2.65 
Block -7 2.84 
Block -8 2.88 
Mean 2.75 
STD 0.30 
COV 10.86 
 
 
 
 
Table.B.3. Cylinder test results 
Specimen details Strength (MPa) 
Cylinder 1 31.37 
Cylinder 2 29.08 
Cylinder 3 30.18 
Cylinder 4 32.09 
Cylinder 5 31.50 
Cylinder 6 26.12 
Cylinder 7 28.01 
Cylinder 8 29.70 
Cylinder 9 32.50 
Cylinder 10 29.79 
Cylinder 11 30.81 
Cylinder 12 29.79 
Mean 30.07 
COV (%) 5.96 
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Table.B.4. Prism test results 
Specimen 
details 
URM Grout 
Compressive 
strength 
( )hmcf MPa  
Elastic 
modulus 
(MPa) 
Compressive 
strength 
( )gmcf MPa  
Elastic 
modulus 
(MPa) 
Prism 1 6.93 2155 9.16 12884 
Prism 2 8.33 4182 7.61 12392 
Prism 3 8.34 4286 10.38 18783 
Prism 4 10.97 4400 8.66 13160 
Prism 5 8.30 4267 6.61 11900 
Prism 6 10.45 2959 10.41 18433 
Prism 7 10.98 3104 
  
Prism 8 6.98 2707 
  
Prism 9 10.34 2877 
  
Prism 10 8.62 2786 
  
Prism 11 9.23 2720 
  
Prism 12 10.47 2876 
  
Mean 9.16 3277 8.81 14592 
COV(%) 15.95 28 17.19 22 
Minimum 6.93 2155 6.61 11900 
Maximum 10.98 4400 10.41 18783 
 
 
 
 
 
 
 
 
 
 
 
 
Table.B.5. Flexural tensile strength of masonry 
Specimen details 
Hollow masonry 
flexural strength  
 mtf MPa  
Specimen1 0.59 
Specimen2 0.48 
Specimen3 0.52 
Specimen4 0.62 
Specimen5 0.32 
Specimen6 0.44 
Mean 0.5 
COV(%) 22 
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APPENDIX-C: LVDT HOLDER ATTACHEMENT. 
To find suitable bonding agent, three commercially available bonding agents were used for 
preliminary examination as shown in Fig-C.1. Such as, 
Liquid Nail-1: Specialised on Brick-Brick bonding 
Liquid Nail-2: Specialised on timber-timber bonding with ultimate strength 
Liquid Nail-3: Specialised on timber-timber bonding with high strength 
The technical data sheet was not available for these products at the time of usage; hence we 
ended up with checking it suitability to concrete blocks to aluminium sheet bonding. For each 
type of bonding agent two specimens were examined.  
 
 
 
 
 
 
 
 
Initially the bonding surface of LVDT holders was cleaned using ethanol and allowed to get 
dry for 10 minutes. Then liquid nails were applied on prepared surface of the concrete block 
then prepared LVDT holders were pressed on it. A mild force was applied for 1 hour. It was 
allowed for two days to get harden. After two days, a weight 5 kg was applied to these three 
variety specimens.  
 
 
 
 
 
 
 
 
 
 
Fig C.1- Testing on bonding agent 
 
 
Liquid Nail-1 
 
Liquid Nail-2 
 
Liquid Nail-3 
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From Fig C.2, it is clear that Liquid nail-3 is the perfect bonding agent to be used to bind 
aluminium LVDT holder with block whilst rest of them had failed. Hence, for all attachment 
of aluminium holders with block in this work Liquid nail-3 was used. 
 
 
 
 
 
 
 
 
Fig C.2- Failure of the bonding agent 
 
 
Liquid Nail-1 
 
 
Liquid Nail-2 
 
 
 
Liquid Nail-3 
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APPENDIX-D: EXPERIMENTAL RESULTS 
This appendix contains the details of the panel strain gauge responses. The embedded 
reinforcement in the GCM and CCM panels had yield strength of 500 Nmm
-2
 which could 
yield at an axial strain of 0.0025 (Es- 200 GPa). An analysis had been carried out on the data 
obtained from the attached sixteen strain gauges. The reported curves are the average 
response of front and back strain-gauges.  Fig.D.1 shows location of the attached strain 
gauges. 
 
 
 
 
 
 
 
 
 
 
 
SG1, SG4, SG5 and SG8 were categorised as strain gauges located near shoes denoted as 
“Fixed” and SG2, SG3, SG6 and SG7 were categorised as a strain gauges located away from 
shoes denoted as “Free”. Since GCM-A panel SGs were delaminated, GCM-B panel response 
is considered. All average value of GCM-B panels strain-gauges readings are shown in 
Fig.D.2. All strain gauges readings reported considering tensile strain is positive. 
 
 
 
Fig.D.1. Strain-gauge arrangement 
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(a) GCM strain ‘Fixed’ 
 
(b) GCM strain at “Free” 
Fig.D.2. Strain gauge reading versus diagonal load of GCM_B 
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The average of those four strains is denoted by its type of confining element followed by its 
location (eg-GCM_S). From the strains, the location of cracking and possibility of yielding of 
steel bar upon formation of reasonable cracks in the area can be studied.   
 
 
 
 
 
 
 
 
 
 
 
 
 
The CCM panels had exhibited very high effective confinement through which it enhanced 
the diagonal load capacity of the panel comparatively 31% higher than the GCM panels. 
CCM panel also exhibited similar compressive strain until the formation of the onset of 
cracking then its response in the tensile region was quite higher. 
The corresponding failure pattern of Fig.D.4.a and Fig.D.4.b is reported in Fig.D.5 and 
Fig.D.6, respectively. 
 
 
 
Fig.D.3. Cracks in GCM 
 
 
It is visible from Fig.D.3, the GCM panel cracked widely near 
SG1 and SG8 with a cracks formation in nearby grout whereas in 
bottom shoe there were no such wide opening of crack appeared. 
So SG1 and SG8 initially exhibited about compressive strain then 
SG1 exhibited higher tensile strain as the crack propagated 
towards it. However, the strain gauged located in the bottom 
support had failed show and tensile stress. 
SGs located away from shoes, maximum strain of 30με was 
experienced. 
There were no yielding of reinforcement had been reported in the 
GCM panels. The compressive strain which change over to tensile 
strain indicates that formation of cracking. The minimum diagonal 
load at which the compressive strain changeover towards tensile 
region was triggered near SGs located away from shoes at a 
diagonal load of 28 kN. 
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(a) CCM strain “Fixed edge” 
 
(b) CCM “Free edge” 
Fig.D.4. Strain gauge reading versus diagonal load of CCM_A 
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Fig.D.6- Cracks in CCM-B 
 
 
 
 
 
 
 
 
Fig.D.5. Cracks in CCM-A 
 
 
 
 
 
 
 
 
 
 
 
From Fig.D.4.a, it can be seen that SG5 had exhibited 
very high tensile strain of 2400με at 70 kN of the 
diagonal load. The crack initiated in the middle of the 
panel had travelled towards the bottom support during 
which it followed sliding mechanism all the way down 
to confined core and touched SG5 where the highest 
strain of 2400με was recorded. The formation of crack 
and its growth facilitate towards the weakest plane.  
In the ‘Free’ side the maximum strain of 750 με was 
obtained.  Similar crack patterns were observed in 
CCM-B panel. Its crack patterns are reported in Fig.D.6. 
The corresponding strain gauge responses are shown in 
Fig.D.7 and Fig.D.8.  
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Fig.D.7. Strain in steel strain gauges located near “loading edge” zone 
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Fig.D.8. Strain in steel strain gauges located near “Free edge” zone 
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APPENDIX-E: IN-PLANE SHEAR EXPRESSION 
CALCULATIONS 
The in-plane shear capacity predictions made by seven specified equations are explained in 
this appendix. There were no expressions exist to predict the in-plane shear capacity for CCM 
walls/panels the tested GCM wall capacity is estimated and compared with experimental test 
results. The calculation steps of these expressions are shown below. It is also worth to 
mention that there were no effective horizontal reinforcements exist. 
1. ASTM E519-02 
The in-plane shear capacity can be calculated as / 2diagonal load . For GCM walls which 
is 60.47 / 2 42.8kN . 
2. AS3700 (2011) 
The AS3700(2011) in-plane shear expression is shown in Eq.E.1. The lesser of rocking and 
the in-plane shear expressions need to be considered. The in-plane shear capacity of the GCM 
wall is shown below. 
1.5 0.5 0.8n n y s
H
V A f A
L
 
   
 
 (E.1) 
850
1.5 0.5 34150 0.8 500 0
850
nV
  
      
  
 
34kNnV   
The rocking capacity is, 
  '/ 2 ( 2 ) /rock sw v sy svV k P L f A L l H      
 1 0 850 / 2 500 110 (850 2 45) / 850rockV            
49kNrockV   
Therefore the in-plane shear capacity of the GCM wall will be 34 kN. 
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3. CSA:S304.1-04(2004) 
For the squat walls which mainly exhibit shear type failure than the flextural failure, the 
CSA:S304.1-04 expression is shown in Eq.E.2.  
 
 
'0.16 2 0.25 0.6
f
n m g w g yh sh
f v h
M d
V f b d P f A
V d s
 
  
      
   
 (E.2) 
For the GCM walls the following calculations are made, 
 0.16 2 1 9.15 0.44 90.5 850 0.25 0 0.44 0.6 500 0nV              
 16.4nV kN  
 The value of Vn is limited to 
'0.4 2m w v g
H
f b d
L

 
 
 
 which is 41 kN. Therefore the 
value of Vn is 16.4 kN.  
4.  MSJC(2008) 
The MSJC(2008) equation is shown in Eq.E.3.  The calculation for GCM experimental wall 
is shown below. 
'0.166 2 0.875 0.25 0.5
f v
n m n yh sh
f v h
M d
V f A P f A
V d s
  
      
   
 (E.3) 
 0.166 2 0.875 1 9.15 34150 0.25 0 0.5 500 0 vn
h
d
V
s
         
 
 
19.3kNnV   
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The maximum value of Vn is limited as below.  
 
 
  
 
For the values in between 0.25 to 1.00, linear interpolation was permitted.  
For the tested GCM wall of an aspect ratio of 1.00, the (Vn)max is 413.2 kN. Therefore the in-
plane shear capacity of the wall in accordance to MSJC(2008) is 19.3 kN. 
5. NZS:4230 (2004) 
NZS:4230(2004) in-plane shear expression is shown in Eq.E.5. 
0.42 4 1.75 0.9 tan 33 (0.8 ) 0.8
300
sv yve
n bm w bm w yh sh
n h
A fH d
V v b d P v b L f A
L A s

 
       
 (E.5) 
Teh bedded area corresponding to wall effective length ‘d’ was considered as below, 
 
 
 
 
For the GCM wall, 
(850 / 2)
0.42 4 1.75 0.55 31.5 (0.8 850) 0.9 0 tan
850
220 500
33 0.55 31.5 (0.8 850) 0.8 500 0
300 (31.5 850)
n
h
V
d
s

 
         
 

      
 
 
20.8kNnV   
 
if   
if   
 
(Vn)max is lessor of  
 
 
 
d 
 
 
if   
if   
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6. Matsumura (1988) 
Mastsumura(1988) in-plane expression is shown in E.6. 
' ' 30.76 0.012 0.175 0.1575 0.875 10
0.7
n u p m h yh m n nV k k f P f f A A kNH
L
  
  
  
       
   
  
 (E.6)  
For the GCM wall, 
Where kp is  
0.3
1.16 100st
A
t d
 
  
 
;  
0.31101.16 ( 100) 0.65
90.5 850
pk    

 
'0.760.64 0.65 0.012 9.15 0.175 0 0.1575 0 0.875 34150
1 0.7
n h mV f 
  
            
  
 
17.2kNnV   
7. Shing et al. (1990) 
Shing et al.(1988) equation is shown in E.7. 
   ' '0.166 0.00015 0.00015 2n n m v yv n m yh shV A P f f A f n f A      (E.7) 
The in-plane shear expression calculations for GCM wall as below, 
   
220
0.166 34150 0.00015 0 9.15 0.00015 500 34150 9.15 2 500 0
34150
nV n
 
             
 
17.2kNnV    
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APPENDIX F: FINITE ELEMENT RESULTS 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 Table.E1- Analytical equation predictions for panel aspect ratio of 0.8 walls. 
Equation prediction (in 
kN) and Vn/VFE ratio 
Number of Bays 
1.00 3.00 5.00 7.00 9.00 11.00 13.00 
AS3700 (2011) 38.00 121.00 204.00 286.00 369.00 451.00 534.00 
Vn/VFE 1.61 1.84 1.71 1.67 1.65 1.63 1.62 
CSA (2004) 20.20 74.10 127.50 180.70 234.00 287.20 340.40 
Vn/VFE 0.86 1.13 1.07 1.05 1.05 1.04 1.03 
MSJC (2008) 22.59 78.47 133.80 189.05 244.25 299.46 354.65 
Vn/VFE 0.96 1.19 1.12 1.10 1.10 1.08 1.08 
NZS4230 (2004) 21.2 76.4 126.4 176.3 226.3 276.2 326.2 
Vn/VFE 0.90 1.16 1.06 1.03 1.01 1.00 0.99 
Matsumura 19.67 69.64 123.20 177.77 232.75 287.95 343.27 
Vn/VFE 0.83 1.06 1.03 1.04 1.04 1.04 1.04 
Shing 17.19 44.82 72.46 100.09 127.72 155.35 182.99 
Vn/VFE 0.73 0.68 0.61 0.58 0.57 0.56 0.56 
FEM 23.59 65.78 119.38 171.62 222.98 277.47 329.62 
 
 
 
 
 
 
 
 
 
 
 
 
 
 Table.E.2- Analytical equation predictions for 3 bay high wall. 
Equation prediction (in kN) and Vn/VFE 
ratio 
Number of Bays 
 3.00 5.00 7.00 9.00 11.00 13.00 
AS3700 (2011)  172.0 255.0 338.0 420.0 503.0 585.0 
Vn/VFE  3.2 3.0 2.9 2.8 2.8 2.7 
CSA (2004)  105.2 158.9 212.4 265.7 319.0 372.2 
Vn/VFE  2.0 1.9 1.8 1.8 1.8 1.7 
MSJC (2008)  89.5 144.6 199.8 255.0 310.2 379.0 
Vn/VFE  1.7 1.7 1.7 1.7 1.7 1.7 
NZS4230 (2004)  135.2 198.3 248.2 298.2 348.1 398.1 
Vn/VFE  2.5 2.4 2.1 2.0 1.9 1.8 
Matsumura  68.1 125.1 185.9 248.4 311.8 375.6 
Vn/VFE  1.3 1.5 1.6 1.6 1.7 1.7 
Shing  148.2 175.9 203.5 231.1 258.8 286.4 
Vn/VFE  2.8 2.1 1.7 1.5 1.4 1.3 
FEM  53.2 84.3 118.0 151.1 181.8 220.7 
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Fig.E.1. shows the in-plane shear load versus displacement of the GCM wall of 1 storey high 
and 1 panel long.  
 
 
 
 
 
 
 
 
 
 
 
 
Fig.E.1. In-plane load versus displacement of GCM wall with cantilever boundary condition 
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 Table.E3- Analytical equation predictions for 4 bay high wall. 
Equation 
prediction (in kN) 
and Vn/VFE ratio 
Number of Bays 
5.00 7.00 9.00 11.00 13.00 
AS3700 (2011) 282.16 364.94 447.54 530.09 612.60 
Vn/VFE 3.41 3.36 3.25 3.11 3.04 
CSA (2004) 174.27 229.90 283.30 336.60 389.90 
Vn/VFE 2.10 2.12 2.05 1.97 1.94 
MSJC (2008) 144.64 199.82 255.00 310.17 392.65 
Vn/VFE 1.75 1.84 1.85 1.82 1.95 
NZS4230 (2004) 212.7 284.8 334.7 384.7 434.61 
Vn/VFE 2.6 2.6 2.4 2.3 2.2 
Matsumura 118.79 177.93 239.54 302.56 366.37 
Vn/VFE 1.43 1.64 1.74 1.77 1.82 
Shing 175.86 203.49 231.75 258.75 286.39 
Vn/VFE 2.12 1.87 1.68 1.52 1.42 
FEM 82.81 108.56 137.89 170.56 201.22 
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Fig.E.2. shows the in-plane shear load versus displacement of the CCM wall of 
 
 
Fig.E.2. In-plane load versus displacement of CCM wall with cantilever boundary condition 
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APPENDIX G: ANALYSIS ON THE FRAME STIFFNESS 
The panel action of the wall was governed by the panel aspect ratio. However there is a 
possibility that this panel action might have influenced by the stiffness of the frame. 
Therefore a study has been conducted in order get better understanding.  The GCM frame 
contained an effective compressive strength of 8.80 MPa and an Elastic modulus of (E)14500 
MPa. The frame thickness was similar to wall thickness (t)- 90.5mm. Fig.G.1 shows the 
principal tensile strain of the GCM wall at its peak load. A clear wall action was witnessed. 
Further studies were carried out using higher stiffness frame.  
 
 
 
 
 
 
 
 
 
 
The CCM wall contained an elastic modulus of 26000 MPa grade (fg) 30 concrete frames. 
The thickness of the frame was kept as similar to GCM wall. The principal strain diagram is 
shown in Fig.G.2. This wall was named as CCM wall-1. Since CCM wall-1 exhibited similar 
panel action as of GCM wall, the Elastic modulus and the strength of the concrete frame was 
increased to 40000 MPa and grade-50, respectively. This wall was named as CCM wall-2. 
The principal logarithmic strain diagram of CCM wall-2  is shown in Fig.G.3. Similar panel 
action was witnessed. Therefore, the same CCM wall-1’s frame thickness was doubled to 181 
mm. It was denoted by CCM wall-3 and its principal strain is shown in Fig.G.4. Similar wall 
action was witnessed in all walls. 
 
 
 
 
 
 
 
 
Fig.G.1. Principal logarithmic strains on λw of 0.68 GCM wall (λp-1.9) 
 
 
Cracking 
E-14,500 MPa 
t- 90.5 mm 
fg- 9.2 MPa 
Vn- 36.5 kN 
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Fig.G.2. Principal logarithmic strains of CCM wall-1  
Cracking 
E-26000 MPa 
t- 90.5 mm 
fg- 30 MPa 
Vn- 42 kN 
 
Fig.G.3. Principal logarithmic strains of CCM wall-2 
Cracking 
E-40000 MPa 
t- 90.5 mm 
fg- 50 MPa 
Vn- 47 kN 
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The maximum principal strain obtained in GCM, CCM wall-1, wall-2 and wall-3 are 7933m, 
8994 m, 8070 m and 7582 m, respectively. There were no major differences in the 
maximum principal strains in between walls and all four walls exhibited similar wall action. 
Therefore the stiffness of the panel has no effect on determining panel action.  
Furthermore the in-plane shear resistance of the walls was examined. The GCM wall in-plane 
shear peak resistance (Vn) was 36.5 kN whereas CCM wall-1. Wall-2 and wall-3 were 42 kN, 
47 kN and 47 kN, respectively. The wall-3 contains higher stiff frame and followed by wall-
2. Wall-s is the least stiff frame in the CCM group. Wall-2 and wall-3 exhibited similar in-
plane resistance indicating the possibility of failure of the confined URM panel. Therefore the 
stiffness of the frame has limited influence on enhancing in-plane shear capacity.  
 
Fig.G.4. Principal logarithmic strains of CCM wall-3 
Cracking 
E-26000 MPa 
t- 181 mm 
fg- 30 MPa 
Vn- 47 kN 
